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1 
ABSTRACT 
Due to heightened security concerns federal as well as many public facilities require some 
level of blast design, whether it be intentional or accidental.  In addition, with the 
increasing cost in utilities and continuous rise in global warming, a movement has begun to 
streamline the construction process and limit the environmental footprint of every building.  
In response, the federal government now requires that all government buildings not only be 
designed for blast loads, but also sustainability. 
Insulated wall panels are capable of meeting both the blast and sustainable requirements 
due to the inherit strength of a reinforced concrete slab and the thermal resistance provided 
from the insulating layer; however, limited experimental testing is available to prove that 
insulated wall panels are an ideal system for both blast and sustainability.  The objective of 
this research is to develop the tools to design a blast and ballistic resistant insulated wall 
panel system.  As part of this research, experimental tests were conducted on insulated 
panels to validate models developed to predict panel behavior observed. Using the results 
of the research an approach was developed to create a 1) Thermally efficient, 2) Blast 
Resistant, 3) Spall/Breach Resistant and 4) Ballistic Resistant panel.   
Insulated wall panels are inherently thermally resistive due to the insulating foam located 
between the two layers of concrete.  Parametric studies were performed via analytical 
calculations to determine the efficiency of the wall system.  The calculations indicated that 
the insulating layer is fundamental to the resistance of the panel; an 8in. solid concrete 
panel had a thermal resistance of less than 10% of a panel 2in. of insulation sandwiched 
between two 3in. concrete wythes.  Additionally, the parametric study indicated that the 
shear connectors located between the interior and exterior wythes can have a significant 
effect on the overall panel thermal resistance due to the thermal bridging phenomenon.  
2 
Three panels were modeled with identical layout and wythe connectors with identical 
dimensions but different material: concrete, steel, and low-conductive material.  The panel 
with concrete and steel wythe connectors saw a reduction in thermal resistance compared 
to the low-conductive material of nearly 78% and 62% respectively.  Thus, to decrease the 
panel resistance while maintaining strength, a strong thermally resistive material must be 
used as a shear connector. 
To improve the response to far-field detonations, experimental tests were performed on 
small solid panels as well as larger insulated panels.  Locally unbonding the small solid 
panels allowed the panel to reach support rotations past the 10° specified by the United 
States Army Corps of Engineers as the highest threat level while the bonded panels reached 
less than 5° before softening.  Additionally, testing of insulated wall panels revealed that 
the panel behavior is highly dependent on the shear tie constitutive property and location 
along the span.  A numerical model was created to predict the behavior of an insulated and 
as a result, a new shear tie was developed to improve the flexural response of the panel 
while at the same time, decreasing the production cost. 
To assess the response of insulated wall panels to close-in detonations, experimental tests 
and numerical models were conducted.  The tests revealed that the insulation results in a 
detriment to panel performance as a panel with 2in. of insulation sandwiched between two 
3in. thick concrete wythes breaches the exterior wythe while a 6in. thick solid concrete 
panel does not breach under the same demand.  As the insulating layer thickness is 
increased, the panel does not breach due to the increased standoff created by the additional 
thickness.  Additionally, the empirical formulas developed by the Unified Facilities Criteria 
for solid panels were shown to be inaccurate when used for insulated wall panels, while 
numerical simulations were able to bound the response of an insulated wall panel. 
3 
To investigate the performance of insulated wall panels to ballistic and fragment demands, 
a probabilistic method was developed.  The method results in the creation of fragility 
curves allowing a designer to assess the probability of perforation and residual velocity for 
a given threat at any wall thickness.  Additionally, the likelihood of injury occurring to 
personnel behind the wall panel was assessed by using organ threshold tolerances provided 
in literature.  Using the method developed, engineers can design the thickness of an 
insulated wall panel to achieve an acceptable probability of occurrence for injury. 
Finally, all of the material learned through the first four stages were combined to create a 
comprehensive design example.  An 8in. thick panel with 2in. of insulation was designed 
using the newly designed shear tie as well as a ductile shear tie with the same strength, and 
then subjected to the demands reviewed throughout the research project.  The tie system 
allowed the wall to reach a support rotation of 10° while behaving in a moderate to heavy 
damage level when subjected to the far-field detonation demand.  From the conclusions of 
the close-in detonation study, the panel is known to breach under the load prescribed.  
Ballistic fragility curves were developed showing that the panel stops a low threat ballistic 
with 100% certainty, but under a high ballistic threat the projectile has an 86.5% chance of 
perforating the wall system.  For the fragmenting munition considered in the study, the wall 
system has a 15.4% chance of causing injury to personnel behind the wall.  Finally, by 
using the new shear tie system developed, the wall system results in a reduction of less 
than 3% in the total R-value when compared to an insulated panel without thermal bridges 
due to the low thermal conductivity of the shear tie material. 
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AUTHOR’S CONTRIBUTIONS 
The following succinctly lists the author’s original contributions to the field of structural 
engineering through the research project described within: 
1. Development of two flexural mechanisms to improve the response of solid 
concrete slabs at large displacements: the dogbone method and locally unbonding 
the longitudinal reinforcement. 
2. A method to predict the complete load-displacement response of partially 
composite insulated panels based on deformation of the shear connectors.  Current 
methods are force based and are only able to predict the response of non-composite 
or fully-composite panels. 
3. Creation of a new shear tie system tailored for far-field detonations while 
maintaining thermal resistance.  The shear tie is stronger and more ductile than 
current systems allowing insulated panels to be built to resist blast demands while 
reducing overall cost of the panel. 
4. Established performance of insulated wall panels to close-in detonations.  
Empirical equations for solid panels were assessed for insulated panels via 
experiments conducted on insulated panels.  
5. Development of a stochastic approach to ballistic and fragment design.  Current 
methods for direct weapon’s fire are deterministic neglecting the large variance 
accompanying a ballistic demand.  Additionally, current methods do not account 
for the life-safety of personnel behind the wall system. 
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1. INTRODUCTION 
After recent escalation in terroristic attacks on buildings including the Murrah Federal 
Building, Kohbar Towers, and the World Trade Center, as well as accidental explosions 
including the AZF chemical factory and Ryongchon disaster, engineers have begun 
designing buildings to be blast and ballistic resistant.  Additionally, with the rising cost of 
utilities and continuing increase in public awareness of environmental protection, energy 
efficient buildings have become mainstream.  Today, thanks to executive order 13514 (The 
White House 2009), all government facilities are required to not only be blast resistant but 
also energy efficient. 
The goal of this research project, funded by the National Science Foundation Grant No. 
CMMI-1030812, is to develop a multi-threat insulated precast concrete wall system.  Due 
to the insulation layer of the panel, the wall system will be thermally efficient meeting 
requirements by U.S. Green Building Council (USGBC 2005).  Additionally, the wall 
system will be designed to resist far-field explosions, close-in detonations, and ballistic 
penetration.  During the development of the multi-threat wall system, new analytical 
models and innovative detailing methods were created that can be used by other engineers 
to design future wall systems.  Finally, a large amount of experimental data was generated 
during the research project to validate analytical models and innovative concepts.  The 
experimental data is available in reports or is currently in review with journals in the field 
of structural engineering so that other engineers can utilize the data to improve the models 
or develop new models.  
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2. BACKGROUND 
Four different demands were considered for the insulated wall system developed: 1) 
Thermal Demands, 2) Far-Field Detonations, 3) Close-In Detonations, and 4) Ballistic 
Demands.  Each of the demands were evaluated experimentally, numerically, analytically 
and/or empirically.  Current methods for evaluating each demand are reviewed throughout 
the dissertation.  In some cases, new methods are developed to predict the performance of 
the insulated wall panel system.  The final section of the dissertation includes a design case 
study of an insulated wall panel utilizing material learned and developed throughout the 
previous four stages. 
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3. THERMAL DEMANDS 
The following section provides background on the insulated wall panel and highlights 
differences in panel thermal performance using different shear tie systems. 
3.1. Thermal Background 
In recent years, there has been pressure on designers to create a building that is not only 
safe to inhabit while meeting the needs of the occupants, but also a facility which 
minimizes the environmental impact while improving sustainability.  To fulfill this 
requirement, the United States precast concrete industry responded with an energy efficient 
and economically viable building envelope system, the insulated concrete wall panel.  
Insulated concrete wall panels, also known as sandwich wall panels, consists of a layer of 
insulating material sandwiched between two layers of concrete (wythes). 
Insulated concrete wall panels are often defined by three consecutive numbers, 
representing the thickness of each layer in inches.  For example, a concrete panel with an 
external wythe (structural wythe) of 4 in., a layer of foam of 2 in., and an internal wythe 
(non-structural wythe) of 3 in., would be signified by 4-2-3.  For the exterior and interior 
concrete wythes to act in unison, or compositely, shear ties are placed intermittently 
through the length of the panel to transfer the shear force between the two wythes, as 
shown in Figure 1. 
8 
 
Figure 1: Insulated wall panel construction and configuration 
Insulating material can vary widely depending on the function of the facility and economic 
requirements set by the building owner, but some commonly used insulating materials 
include EPS (expanded polystyrene), XPS (extruded polystyrene), and Polyiso 
(polyisocyanurate).  The thermal resistance of the insulated concrete wall panel is 
predominantly attributed to the very low conductivities of the insulating material (0.04 
W/m-K), while the concrete has a relatively high thermal conductivity (2.89 W/m-K for 
normal weight concrete) (PCI 2010b).  Thus, the energy efficiency is obtained by creating 
a thermal barrier between the two layers of concrete via the insulating foam.  The overall 
thermal resistance of the panel is referred to as an R-value with English units of 
hr·ft2·ºF/Btu and SI units of K·m2/W.   
Shear ties provide the panel with strength in handling, construction, and service loads by 
connecting the exterior concrete wythe directly to the interior concrete wythe.  Shear tie 
strength will be discussed in a following chapter.  However, this allows for heat 
transmission to completely negate the highly resistive insulating material and travel 
directly along the shear ties in a phenomenon known as thermal bridging.  Thermal 
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bridging creates localized “hot spots” throughout the panel which can have an extremely 
detrimental effect on the overall R-value.  The R-value for three panels with the same cross 
section dimensions are calculated by utilizing the ASHRAE zone method (ASHRAE 2005) 
with a modified strip calculation (Lee and Pessiki 2008): (A) 6 in. solid concrete panel (B) 
3-2-3 panel with steel ties spaced at 16 in. (C) 3-2-3 panel with fiber glass ties spaced at 16 
in.  Panel A, without foam insulation, was found to have an R-value of 0.11 K·m2/W, while 
both panels with 2 in. of foam insulation each had a thermal resistance of over 13 times the 
solid panel.  Panel B with steel ties was found to have an R-value of 1.44 K·m2/W while 
panel C with fiber glass ties had an R-value of 1.87 K·m2/W.  The properties and spacing 
of the shear ties can decrease the thermal resistance of a panel by over 20%.  For this 
reason, many shear ties today are proprietary and are often constructed of low conductive 
material such as phenolic or cellular glass.  In some design cases, the exterior and interior 
wythes are directly connected by discrete regions of solid concrete, called “solid zones” 
(PCI 2010b).  Composite panels utilizing solid zones are simpler to fabricate than panels 
with shear ties as they do not require extra components; however, solid zones lead to 
similar thermal bridging issues as conductive shear ties. 
3.2. Analytical Methods 
Three approaches were used for the thermal analysis: the modified zone method, the 
isothermal planes method, and the parallel flow method. The zone method breaks the panel 
into two separate zones – Zone A containing the highly conductive element and Zone B 
containing the remaining portion of the panel. The two zones are then combined using the 
parallel flow method.  The modified zone method is identical to the traditional zone 
method adopted by PCI except the width for Zone A is modified based on the concrete 
conductivity, insulation conductivity, shear tie conductivity, diameter of the tie, and the 
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distance from the panel surface to the tie.  The isothermal method considers lateral heat 
flow with little resistance while the parallel flow method assumes that no heat will travel 
through a lateral path.  The parallel flow method allows an electrical circuit analogy to be 
made where the laws of combining series and parallel resistors are applied to solve the 
thermal resistance of the panel.   
3.3. Parametric Study 
All material resistances were taken from either PCI 7th edition (2010b) handbook thermal 
section and ASHRAE handbook fundamentals (2005).  In this study, R will be in English 
units of [(°F*hr*ft2)/(BTU*in)] for resistance per thickness and [(°F*hr*ft2)/(BTU)]for 
resistance. The assumed properties are summarized in Table 25. To be conservative, the 
minimum value of EPS is taken from PCI Handbook as 3.1 (PCI 2010b).   
Table 1: Material resistances 
Material Description 
Resistance/thickness 
[(°F*hr*ft2)/(BTU*in)] 
Expanded polystyrene (EPS) 3.1 
Low conductive tie 4.0 
Steel tie 3.2E-3 
Normal Weight Concrete (140 pcf) 0.10 
The five cross sections shown in Figure 2 were considered.  Figure 2a shows the cross 
section of the solid panel, (b) a panel with 2in. of insulation and no ties, (c) a panel with 
1.5in by 0.33in solid zones, (d) a panel with 1.5in. by 0.33in. low-conductive ties and (e) a 
panel with 1.5in. by 0.33in. steel ties.  Panel ties were not specifically designed for strength 
purposes, but rather to determine the sensitivity to tie type.  All the wall systems had the 
same overall dimensions of 32in. wide, 8in. thick, and 144in. long.  The layout for the ties 
is shown in Figure 3. 
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Figure 2: Cross sections considered 
 
Figure 3: Panel tie layout 
3.4. Results of Thermal Parametric Study 
The R-value of each panel was calculated using three different methods: (1) modified zone 
method, (2) isothermal method, and (3) parallel flow method.   
1. The zone method involves two separate computations – one for Zone A containing 
the bridging material and one for Zone B containing the remaining portion.  The 
two computations are then combined using the parallel flow method.  The width of 
Zone A is computed using a modified zone width (Pessiki, Lee 2008) for shear ties 
and the characteristic section method (PCI 2010b) for the concrete zones. 
8.0
3.0
3.0
10.01.5 0.3 10.0
32.0
(a) Solid panel (b) Insulation only
(c) Solid zones (d) Low-conductive ties
(e) Steel ties
All dimensions in inches
1.5
1.5
32.0
144.0
(c) Solid zones, (d) Low-conductive ties, or (e) Steel ties
16.0
12.0
8.0
10.0
All dimensions in inches
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2. The isothermal planes method considers lateral heat flow with little resistance in 
accordance with ASHRAE.  The computations are performed as a series 
combination of layers. 
3. The parallel flow method assumes no heat flow through lateral paths, thus the R 
values are higher than provided from the isothermal method.  The computations 
are performed as a combination of parallel layers. 
Table summarizes the R-value for each case and each method.  All results are provided in 
[(°F*hr*ft2)/(BTU)].  As expected, case (a) solid concrete and (b) insulated panel without 
ties yield the same results for the modified zone method as both the isothermal and parallel 
flow method.  This is because the there are no lateral paths for heat to travel in any case, so 
including or neglecting lateral heat flow does not affect the results.  Additionally, case (a) 
solid concrete and (b) insulated panel without ties act as the lower and upper bound 
respectively.  In case (b), there are no paths for thermal bridging to occur, while case (a) 
offers very little thermal resistance due to the lack of insulating foam.  Finally, the other 
methods perform as expected, with case (d) low conductive ties providing the next highest 
thermal resistance, followed by case (e) steel ties and case (c) solid zones. 
Table 2: Tabulated thermal results 
Case Name 
Modified 
Zone 
Isothermal 
Parallel 
Flow 
(a) Solid concrete 0.8 0.8 0.8 
(b) Insulated – without ties 9.9 9.9 9.9 
(c) Insulated – solid zones 2.2 2.1 4.0 
(d) Insulated – low-conductive ties 6.8 7.0 6.8 
(e) Insulated – steel ties 3.8 0.8 6.3 
Intuitively, the choice of isothermal versus parallel flow method makes little difference on 
case (d) as the conductivity of the tie is very low, creating less of a path for lateral heat 
transfer.  On the other hand, the choice of method has significant impact on case (c) solid 
zones and case (e) steel ties.  This is due to the high conductivities of the tie materials, 
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allowing for significant lateral heat transfer to occur. 
3.5. Thermal Conclusion 
Five different cases were tested using the modified zone method, isothermal planes 
method, and parallel flow method: (a) 8in. solid concrete panel, (b) 2in. of insulation 
without shear ties, (c) 2in. of insulation with solid zones, (d) 2in. of insulation with low-
conductive ties, and (e) 2in. of insulation with steel ties.  The following conclusions were 
drawn from the parametric study: 
 A solid concrete panel provides significantly less thermal resistance than a panel with 
shear ties or solid zones.  By replacing 25% of the interior with insulation, the R-value 
is increased by 92%.  This is a conservative value as the minimum reported resistance 
for the insulation was used. 
 Solid-zones and steel ties can have detrimental effects on the overall R-value of the 
panel.  In the case considered, the R-value was decreased by nearly 78% and 62% 
respectively. 
 The modified zone method yields the same results as the isothermal planes and parallel 
flow methods when there are no materials bridging across a different another i.e. there 
are no solid zones or shear ties.  This is due to the fact that there are no paths for lateral 
heat transfer to occur.  On the other hand, the isothermal planes and parallel flow 
methods yield extremely different results when highly conductive materials are 
embedded due to the large lateral heat paths. 
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4. FAR-FIELD DETONATIONS 
The following section provides background into the current methodology of blast design 
using the single degree of freedom (SDOF) approach per the Unified Facilities Criteria 
(DoD 2008c) with a modeling example (Olmati et al. 2014) followed by a discussion on 
improving blast response for solid reinforced concrete panels by developing flexural 
mechanisms (Trasborg et al. 2014b).  Insulated panels are introduced and their response to 
out-of-plane loads (Trasborg et al. To be submitted) which is dependent on the shear tie 
behavior followed by the development of a new shear tie to improve insulated panel 
response.  Finally, a discussion on flexural mechanism development for insulated panels is 
discussed. 
4.1. Review of Current Methodology 
The current discussion will be limited to a surface burst.  When an explosive is detonated 
on the surface, a hemispherical shock wave is formed which moves outward until it 
eventually comes into contact with the structure creating a pressure wave.  If the explosive 
has a large enough standoff distance, R, the blast load is generally assumed to be uniform 
in nature.  Figure 4 below shows the detonation of an explosive and the pressure demand 
on a structure.  For a surface blast, part of the shock wave bounces off the ground and is 
joined with the initial shock wave creating a magnified reflected pressure, Pr.  The shock 
wave duration and pressure are dependent on the scaled distance, Z, equal to the quotient of 
the standoff distance and the equivalent explosive weight to the cube root.  The equivalent 
explosive weight is calculated by multiplying the actual explosive weight by a TNT 
equivalency factor depending on the explosive type (DoD 2008c). 
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Figure 4: Blast demand on a structure (PCI 2010a) 
The positive phase of the shockwave occurs as the pressure wave first strikes the building 
until the pressure wave changes to a suction, at which point the negative phase begins.  
Positive and negative phase shock wave charts exist, developed from experimental data Z 
to determine the characteristics of the shock wave that strikes the component.  Thus, the 
load-history demand on a wall panel can be determined by knowing the standoff-distance 
and the equivalent charge weight. 
A simplified method based on a single degree of freedom has been developed to determine 
the response of the component to the load-history demand.  The component is made 
equivalent to a non-linear spring by knowing the component mass, resistance function, and 
mass transformation factors.  The mass transformation factors are determined such that the 
SDOF system and the component will have equal kinetic, work, and strain energies at each 
time (PCI 2010a). 
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The resistance function of a component is determined by performing a section analysis and 
calculating the load-displacement response under a uniform load.  The applied load is 
converted to a pressure (resistance).  The transformation factors are calculated by the 
boundary conditions, loading condition, and an assumed deformed shape.  Various 
transformation factors may exist depending on the current stage of loading on the 
component.  For example, a simply supported beam with a uniform load that is still in the 
elastic regime has a load-mass factor of 0.78; however, once a plastic hinge forms at the 
center of the panel (the region where the moment is highest), the transformation factor 
changes to 0.66.  Scenarios where the support is redundant will have multiple load-mass 
factors as hinges begin to form in different locations.  Tables are available with 
precalculated load and mass factors for typical scenarios (DoD 2008c); however, for 
unusual cases it will be necessary to calculate the necessary factors.  For more information, 
see (PCI 2010a).   
The load-mass transformation factors are multiplied by the mass, damping, resistance 
function, and the load of the classic equation of motion (Chopra 2007).  Damping is often 
ignore in blast applications for simplicity.  Additionally damping does not contribute much 
to the initial response during an impulsive load (Chopra 2007) and the main points of 
interest for a blast analysis are during the initial positive phase or negative phase response. 
Once the resistance function of the component is calculated via a section analysis, and the 
load-transformation factors are determined given the loading scenario and boundary 
conditions and multiplied by their corresponding components in the equation of motion, 
the time-history of the component is calculated with standard dynamic approaches.  In 
most cases, a close-formed solution is not available so numerical time-stepping approaches 
are utilized (Biggs 1964). 
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By knowing the time-history response of the component, the amount of damage the 
component has received can be determined.  The United States Army Corps of Engineers 
(USACE) has developed a system to correlate the panel response to amount of damage via 
experimental tests (USACE 2008a).  For a secondary reinforced concrete flexural element, 
such as a non-loading bearing wall panel, the damage is correlated to either the ductility, μ, 
defined as the maximum deflection over the yield deflection, or the amount of support 
rotation, θ, calculated by the geometry.  For a simply supported panel, the rotation is 
determined by the tan of the quotient of the maximum deflection at midspan and half the 
panel length.  Table 3 provides the response correlated to damage received for a secondary 
flexural concrete element reinforced with either prestressing or non-prestressing (USACE 
2008a). 
Table 3: Allowable response limits (USACE 2008a) 
Component Damage Level PS Non-PS 
Superficial μ ≤ 1.0 μ ≤ 1.0° 
Moderate θ ≤ 1.0° θ ≤ 2.0° 
Heavy θ ≤ 2.0° θ ≤ 5.0° 
Hazardous θ ≤ 3.0° θ ≤ 10.0° 
The SDOF analysis presented by (USACE 2008a) has been validated through experimental 
testing.  The following sections outline an experimental validation of the SDOF method 
carried out in response to the 2012 ACI Blast Blind Simulation Contest (Olmati et al. 
2014). 
4.2. Experimental Validation of Analytical Approach 
Blast loads are an important design load for any structure involved with the handling or 
manufacturing of volatile materials.  In the case of military, government, and other high 
risk facilities, designing for a prescribed detonation is required.  Unlike conventional 
design practice for natural hazards such as seismic events, where the earthquake load is 
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applied as an equivalent static force, designing a building for a blast load must consider the 
dynamic event to prevent the structure from becoming prohibitively expensive.   
Many methods are available to the design engineer to predict the performance of a 
structural component subjected to an explosive event.  Numerical modeling can provide the 
user with a detailed response of the component but is generally time consuming to build, 
computationally expensive, and often requires a deep understanding of finite element 
methods and solid mechanics.  Analytical modeling can provide the user with a quick 
method to calculate the response of the component, but results generally lack the detail 
available in numerical modeling.   
The response of concrete structural elements to blast demands have been investigated by 
several authors, in the following are few examples.  Davidson et al. (2005) investigated the 
failure mechanisms of reinforced concrete masonry walls reinforced by polymer sheets and 
then subjected to blast load.  In Zineddin and Krauthammer (2007) normal concrete slabs 
were subjected to localized impact loads by a drop test machine.  In Schenker et al. (2008) 
protected and unprotected concrete slabs are tested with a large hemispherical surface 
detonation of TNT.  In Wu et al. (2009) a series of concrete slabs were tested in order to 
compare their blast resistance.  In Naito et al. (2012) the behavior of precast concrete 
panels with an insulation layer to improve the thermal resistance of the panel is 
investigated, focusing on the shear ties connecting the two concrete layers confining the 
insulation layer.   
The subject is current, and federal, industrial and academic affiliations (Giovino et al 2014, 
Naito et al. 2014) are interested in concrete structures subjected to impulsive loads as 
shown in the previous brief literature review.  Several experimental tests are conducted in 
order to understand the fundamental parameters that lead the response of concrete 
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structures under blast loads.  FE and analytical simulations are also carried out in order to 
both reduce the experimental effort (cost) and provide useful tools for designing and 
assessing concrete structures under impulsive loads from the defensive and offensive 
points of view.   
Generally the experimental and the simulated results agree (Trasborg et al. 2014b).  
However simulations and novel concrete constitutive models have to be constantly 
validated by the experimental evidence in order to be useful in predicting the response of 
concrete structure subjected to impulsive loads since, as mentioned, several numerical and 
analytical methods are available.  The following section validates the accuracy of 
analytical modeling to analyze the behavior of reinforced concrete slabs under a blast 
demand with experimental tests by the means of data generated for the ACI Blast Blind 
Simulation Contest 2012 (Thiagarajan et al. 2010).   
4.2.1. Experimental Program 
The experimental program consisted of blast tests conducted in a shock tube at the 
Engineering Research and Development Center in Vicksburg, Mississippi on three 
reinforced concrete panels.  The shock tube, shown in Figure 5, applies both the positive 
and negative phase of the pressure uniformly across the panel face.  Pressures were 
recorded via pressure gauges at six different locations along the length of the panel.  The 
pressure history for each panel is presented in Figure 5, where each curve is the average of 
the six pressure gauges.  The first two specimens were tested under the pressure demand 
“PH-Set 1a” while the third specimen was tested under the pressure demand “PH-Set 1b”.  
For modeling convenience, pressure data was simplified by averaging data points to the 
curves labeled “Load 1” and “Load 2” as shown in Figure 5.  A laser deflection device was 
used to record the deflection history of each panel. 
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Figure 5: ERDC shock tube (ACI 2013) and pressure demands 
The three specimens had identical reinforcement layout, dimensions, and material 
strengths.  Panels were 64 in. (162.6cm) long by 33.75 in. (85.7cm) wide by 4 in. (10.2cm) 
thick.  Each specimen consisted of nine #3 (#10) and five #3 (#10) grade 60ksi (420MPa) 
deformed reinforcing bars longitudinally and transversely placed as shown in Figure 6.  
For construction ease, longitudinal bars were tied directly to transverse bars and had 0.5 in. 
(1.3cm) of cover to the transverse bars, meeting ACI cover requirements for concrete not 
exposed to weather or in contact with ground (ACI 2011). 
 
Figure 6: Panel dimensions and reinforcement layout 
Each panel was simply supported by 6x8x5/8 in. (15x20x1.6cm) structural tube with 
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3x3x5/16 in. (7.6x7.6x0.8cm) structural tube on the blast side face in order to prevent the 
overturning of the slab in the shock tube as shown in Figure 7.  The framing supporting the 
panel is considered to be rigid for analytical modeling.  A void was allocated between the 
two steel tube sections and the concrete slab in order to allow the slab to rotate to the 
extremities as shown in Figure 7.  The gap between the 3x3x5/16 in. structural tube on the 
blast side face and the panel face was measured as 0.25 in. (6.35mm) in the construction 
drawings provided (determined by scaling the construction drawing and calculating the gap 
size); however, to improve the accuracy of the predictive models, the gap was adjusted to 
0.35 in. (8.89mm), see next sections.  
 
Figure 7: Panel restraints and as built dimensions used for modeling 
4.2.2. SDOF Modeling 
The analytical modeling is conducted using the single-degree-of-freedom (SDOF) method 
(Olmati et al. 2013).  The SDOF approach with a uniformly distributed pressure load is 
assumed to be adequate to properly model the panel behavior subjected to the shock load 
generated by the shock tube.  The model material properties, shock wave magnitude and 
duration are based on information obtained through destructive material tests and pressure 
gauges located in the shock tube. 
DIFs for concrete and steel reinforcement are accounted for by performing an iterative 
SDOF analysis.  The SDOF analysis is first conducted using static constitutive material 
properties.  The strain rates of the concrete and steel are determined by the quotient of the 
GAP
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yield strain of the respective material and the time required for the component to reach the 
deflection at which the respective material yielding occurred.  DIFs were determined by 
substituting the strain rates in the Murray (2007) model for concrete and the Cowper-
Symonds (1957) model for 60ksi (420MPa) steel as shown in Figure 8.  The SDOF process 
is repeated until the DIFs in the current SDOF analysis converged with those from the 
previous SDOF analysis.  Final DIFs for concrete in compression and tension are found to 
be 1.05 and 1.8 respectively (since in the SDOF analysis the inertial confinement due to the 
high rate load is not taken into account, the opportune DIF should be provided).  Similarly, 
the DIF for the reinforcing steel is found to be 1.4. 
 
Figure 8: Concrete and steel DIF models 
The constitutive models shown in Figure 9 depict both the static experimental material data 
as solid lines and the models with DIFs as dashed lines.  The concrete experimental data is 
found to match Popovics’ model (1973) well until a strain of approximately 0.01.  Concrete 
strains past 0.01 are modeled by a linear regression, labeled as the “Mod (Modified) 
Popovics” in Figure 9.  The concrete model stress values are adjusted by the multiplicative 
DIF for concrete provided in Figure 8 as shown by the dashed line in Figure 9.  Although 
the concrete model utilized is able to carry tension, the tensile capacity of the concrete is 
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not shown in Figure 9 as the magnitude of the tensile strength adjusted by the 
corresponding DIF relative to the compressive strength is very small (less than 10%).  The 
stress-strain steel curve obtained through tensile tests is discretized to a multi-linear 
relationship to facilitate modeling.  The steel reinforcement DIF is applied in a manner 
such that the original elastic modulus remained the same. 
 
Figure 9: Material constitutive models (1000 psi = 6.89MPa) 
A fiber analysis (Trasborg et al. 2014b) is performed in order to obtain the moment-
curvature relationship of the slab as provided in Figure 10.  Due to the placement of the 
reinforcement as shown in Figure 6, the negative flexural capacity of the slab is lower than 
the positive flexural capacity.  The non-symmetric moment-curvature behavior was 
important to consider as the panel moment distribution changes from negative to positive 
when the gap at the BCs close and the condition changes from pinned to fixed. 
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Figure 10: Moment-curvature relationship 
Similarly to the numerical model, a gap of 0.25 in. is initially assumed between the slab 
face on the blast load side and the structural tube as shown in Figure 11.  The model gap is 
later changed to 0.35 in. to improve the accuracy of the model when compared to the 
experimental data.  Initially the slab is modeled with simple-simple supports; however, 
after a given amount of rotation, θ, the ends of the panel begin to contact the upper 
supports where the model BCs are more appropriately modeled as fixed-fixed supports.  
With increasing θ, a plastic hinge forms at the center of the panel, causing the panel to 
effectively behave as two cantilevered beams.  Finally, hinges forms at the ends of the 
panel creating a mechanism where the panel deflects continuously at a constant load.  
Utilizing methods discussed in detail in Biggs (1964) the panel can be simplified to a 
SDOF model. The method utilizes transformation factors based on assumed panel 
response. The transformation load-mass factor (KLM) for each BC is determined by taking 
the quotient of the load factor and the mass factor.  The progression of BCs and their 
corresponding KLM factors are shown in Figure 12. 
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Figure 11: Slab BCs during loading 
 
Figure 12: Progression of BCs 
From the moment-curvature relationship shown in Figure 10, the curvature over the length 
can be determined by utilizing the BCs and the applied load.  Numerically integrating the 
curvature distribution with a virtual moment allows for the calculation of the load-
displacement of the slab.  The BCs of the slab are a function of the panel deflection which 
is a function of the load-history; thus the relationship between the moment-curvature and 
the curvature over the length is also a function of the load-history.  From geometry 
(assuming the panel is rigid and hinges about the center), the panel is calculated to change 
from simple-simple BCs to fixed-fixed at approximately 3.03in. (77.1mm) of deflection.  
At each change in the panel BCs, the moment distribution and curvature over the length are 
saved.  The results at the conclusion of each BC transition are then summed, creating the 
resistance-deflection curve shown in Figure 13.   
The analytical model is also updated with an increased gap size of 0.35 in. (8.89 mm) 
between the panel face on the blast side and the structural tube section referred to as 
“updated” in Figure 13, while “original” refers to the model with the original 0.25 in. 
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(6.35mm) gap.  For modeling convenience, the resistance function of the panel was 
simplified to a multi-linear backbone curve, referred to as “Model Input” in Figure 13.  The 
backbone curve is developed in accordance with the procedure presented in Naito and Ren 
(2013). 
 
Figure 13: Panel resistance-deflection relationship 
Component damping is neglected as damping does not have a large contribution to 
maximum or residual displacements for highly impulsive loads.  Due to ease of 
implementation and unconditional stability, the constant velocity method described by 
Biggs (1964) was used to solve the differential equation of motion.  In regions with sudden 
change of slope in the resistance function (e.g. yielding of the reinforcement and BC 
changes) “overshoot” is avoided by using very small time steps.  A time step of 0.05 msec 
was found to be suitable in this case. 
4.2.3. Experimental and Analytical Comparison 
Time history results for the panel with various BCs subjected to Load 1 are shown in 
Figure 14.  The condition when the BCs change from simple to fixed has been named 
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“adaptive boundaries”.  “Simple-simple” refers to a panel that is simply supported 
throughout the load history while “fixed-fixed” refers to a panel that starts with fixed-fixed 
BCs until hinges form at the restraints.  As expected, the fixed-fixed BCs lead to the stiffest 
panel while the simple-simple BCs lead to the most flexible panel.  The panel with 
adaptive boundaries is considered to most accurately represent the actual restraint 
conditions during testing. 
 
Figure 14: Time-history 
Permanent deflection (average residual) is calculated by averaging all the points after 30 
msec. Table 4 presents the final analytical results as well as the experimental results while 
Figure 15 provides the final time-history for the panel subjected to Load 1 and Load 2.  
The gap between the structural tube and the blast side face of the panel is changed to 0.35 
in. (8.89mm) from 0.25 in. (6.35mm) as shown in Figure 7.  The analytical model 
corresponding to a gap of 0.25 in. (6.35mm) is referred to as “original” in Figure 15, while 
the analytical model with a gap of 0.35 in. (8.89mm) is referred to as “updated”.  As 
expected, the updated model was more flexible than the original model as the “fixed-fixed” 
BC transition occurs at a later displacement.  Finally, the models with updated BCs provide 
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the best match to the experimental data for both Load 1 and Load 2. 
Table 4: Analytical model versus experimental results 
 
Demand = Load 1 Demand = Load 2 
Model Experiment Model Experiment 
Max Deformation [in. (mm)] 
[4.010 
(101.9)] 
[4.371 
(111.0)] 
[2.804 
(71.21)] 
[3.170 
(80.52)] 
Time of occurrence of max 
deformation [msec] 
22.00 31.34 20.45 23.36 
Residual deformation [in. (mm)] 
[3.395 
(86.22)] 
[3.656 
(92.87)] 
[2.353 
(59.76)] 
[2.131 
(54.13)] 
 
 
Figure 15: Analytical versus experimental results 
4.2.4. SDOF Conclusions 
To highlight the efficacy of analytical models to predict the response of reinforced concrete 
structures subjected to impulsive loads, the present work shown both finite element and 
SDOF simulations carried out to predict the deflection-time history of the slabs tested 
(referred to as normal slab, category 3 ACI Blast Blind Simulation (Thiagarajan et al. 
2010)).  The accuracy of analytical model presented in this paper were assessed by 
comparing the predictions to the experimental results. 
The call of the contest mentions (Thiagarajan et al. 2010): “Several factors contribute to 
the prediction of the response of a structure when subjected to shock/blast loading.  These 
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factors include boundary conditions, complexity of material properties available, material 
models used and finite element parameters such as element type selection, mesh size 
sensitivity, material model rate effects amongst others.  There are a number of concrete 
material models developed by several researchers over the past few decades for both static 
and dynamic loading and the primary objective of this contest it to evaluate their 
effectiveness under blast/shock loading”.  The reported analytical model presents an 
accurate, practical approach that can be used to predict the response of concrete structures 
subjected to impulsive loads.  The following conclusions have been made based on the 
work presented: 
 A fiber analysis can provide an accurate prediction of the moment-curvature for a 
reinforced concrete slab given the material properties of the reinforcement and 
concrete as well as the geometry of the panel and placement of the reinforcement. 
 Moment-curvature analysis can be used for the prediction of the resistance 
function for a reinforced concrete slab with varying boundary conditions.  
Boundary conditions can be adjusted as the panel deflects in an analytical model if 
the panel response is carefully monitored and saved at each boundary condition 
transition. 
 Single degree of freedom analysis can provide an accurate prediction of the time-
history response of a reinforced concrete slab subjected to a blast load when given 
the duration and magnitude of the load, assuming the loading is uniform on the 
surface of the panel. 
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 Analytical methods provide comparable results to the experimental results, 
indicating that analytical methods are suitable for a quick check when more time 
consuming and computationally expensive numerical methods are not available. 
4.3. Flexural Mechanism Development 
To improve the response of wall panels to blast loading, the flexural response of thin, 
reinforced concrete components need to be improved.  As a result, new flexural 
mechanisms were devised which are outlined in the following sections. 
4.3.1. Flexural Mechanism Background  
Precast concrete panels are often used for exterior cladding of buildings due to their 
aesthetic appeal, quick erection time, and economic design.  These systems can be used to 
minimize environmental impact and increase sustainability, since thin insulated concrete 
wall panels increase thermal resistance without drastically increasing the overall cost.  
While these wall panels are often designed for conventional handling, construction, and 
service loads, in many cases extreme loading conditions must be considered.  Most federal 
buildings, military facilities, explosive storage and manufacturing structures, and many 
industrial buildings require that the structure be able to withstand a prescribed detonation 
for both accidental and intentional scenarios.  This blast load can create a dynamic 
reflected pressure resulting in large out-of-plane demands on the building.  To be effective 
against these demands, exterior walls must have substantial out-of-plane deformation 
capacity and ductility.  For a non-load bearing, reinforced concrete element in flexure, such 
as a wall panel, the US Army Corps of Engineers (USACE) requires that the component be 
able to reach a support rotation of 10º prior to blowout (US Army 2008). 
According to ACI 318-11 R10.3.4, tension-controlled members will provide ductile 
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behavior for designs where unusual amounts of ductility are not required.  In order for a 
reinforced concrete section to be classified as tension-controlled, at nominal capacity the 
strain in the extreme tensile reinforcement, εt,  must be equal to or greater than 0.005 (ACI 
318-11).  Use of a tension controlled section allows for a larger strength reduction factor, 
thus wall panels are often designed to meet the tension-controlled section criteria. 
A panel that is tension controlled at nominal capacity may still fail at relatively low 
deformation limits.  Consequently, the use of a tension-controlled panel does not ensure 
that the deformation/ductility capacity is enough to meet the requirements set by the 
USACE.  Experimental tests conducted by (Naito et al. 2011b) showed that the ductility 
capacity of thin insulated concrete panels that met the tension control criteria were limited 
due to crushing of the concrete in the compression zone.  This concept can be further 
illustrated by numerical evaluation of conventionally reinforced panels that meet ACI 318-
11 R10.3.4 tension control criteria. 
A series of fiber analyses are conducted on a standard reinforced concrete section. The 
section geometry, reinforcement depth, and concrete properties are kept constant for all 
cases.  The reinforcement ratio, ρ, is varied from a section just meeting the tension control 
limit strain of 0.005 to one with a tension strain of 0.057 at the nominal flexural capacity.   
The fiber analysis approximates the cross section geometry by dividing the section into 
discrete fibers (Kaba, Mahin 1984).  Each fiber is assigned an area, force-deformation 
relationship and compatibility relationship with other fibers.  For simplicity, reinforcement 
layers are imposed on a single fiber layer despite diameter size.  In the fiber model, strains 
at the extreme compressive fiber of the cross section are gradually increased, thus changing 
the strains in each fiber according to the assigned compatibility relationship.  Once the 
strains on the compressive face reach a point where force equilibrium can no longer be 
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satisfied, or a constitutive relationship reaches the maximum allowable value such as rebar 
fracture, the analysis is terminated.  The fiber analysis produces a moment-curvature 
relationship for the section.  By knowing the boundary and loading conditions of the 
specimen, in this case simply supported with a point load at center span, curvature over the 
length of the section is formulated.  Finally, by numerically integrating curvature over the 
panel length the load-deflection curve is determined. 
The ultimate deformation of a conventionally reinforced panel is dependent on the 
activation of the tension reinforcement.  Figure 16 illustrates the load deformation response 
of nine panel designs, all of which according to ACI are tension controlled.  The 
deformations are normalized to support rotation in accordance with USACE (US Army 
2008).  As illustrated, a section designed to be tension controlled at nominal moment 
capacity, designated by the filled squares, does not ensure large deformability.  Even 
sections designed to fracture the tension reinforcement at failure, depicted by the curves 
below the shaded area, are still limited to rotations less than 10º. 
 
Figure 16: Load-rotation for various reinforcement ratios 
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The issue arises of how to increase the deformation capacity of a wall panel while 
maintaining a thin profile.  In order to achieve this goal without modifying the material 
property of the concrete, two alternative methods to establish a ductile failure mechanism 
in a thin concrete panel, allowing for support rotations equal to or greater than the 10º 
threshold required by the USACE are examined.  Additionally, the failure mechanisms are 
predictable, allowing for accurate modeling of the panel behavior up to failure. 
4.3.2. Research Significance 
During extreme loading events, such as a blast loading, the exterior cladding components 
provide the first line of protection to the integrity of the structure and the occupants.  
Increasing the deformation capacity of reinforced concrete wall panels in a constructible 
and predictable manner is desirable for improving the resilience to blast events. Two 
methods to increase wall panel ductility are developed and presented in this paper. The 
analytical methods provided are based on first principles and can be readily adopted for 
design of blast resistant wall panels.  It is important to note that the tests conducted in this 
paper were performed at static rates, under blast demands the system would be subject to 
dynamic rate of loading. Under high strain rates, the yield point of steel increases, the 
modulus remains the same, the ultimate strength is marginally increased, and the fracture 
strain remains unchanged or is slightly reduced (DoD 2008c).  Consequently, the use of 
static test data provides a conservative estimate when used in blast assessment. 
4.3.3. Flexural Mechanisms 
The two ductile mechanisms explored in this paper are shown in Figure 17.  The “Dogbone 
Joint” method involves attaching steel members to the exterior of the tensile face of the 
panel, while the “Unbonded Reinforcement” method relies on emulative reinforcement 
detailing. 
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Figure 17: Flexural mechanisms in thin reinforced concrete panels 
Wu has made an attempt at improving the response of a thin RC element through a method 
of compression yielding in which a specially designed steel member is embedded in the 
concrete (Wu 2006).  Rather than relying on the compression strength of the concrete, the 
RC element’s strength and ductility is derived from the performance of the steel member 
embedded in the compression zone.  Similar to Wu’s work, a method to examine the effect 
of creating a hinge mechanism at midspan of the panel was investigated (dogbone joint in 
Figure 17).  The dogbone concept presented has been successfully used in seismic 
applications to provide reliable damage locations (Plumier 1997); however, the application 
has not been used in RC wall elements to improve out of plane ductility. 
A dogbone panel was detailed to achieve a predictable flexural response.  To achieve this, a 
joint was created in the panel at the region of maximum moment (i.e., midspan for a simply 
supported, single span panel under a point loading at the center).  The joint consisted of a 
steel angle embed running the width of the panel.  The angles were anchored to the 
concrete via 2 longitudinal rebars welded to each interior angle face.  The two angles (and 
hence concrete sections) were then connected by welding specially designed steel 
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“dogbone” members to the exposed side (tensile face or interior wall face) of each steel 
angle.  A 12.7 mm (0.5 in.) long, 4.8 mm (0.2 in.) wide weld was applied to each of the two 
corners along the compression face edges of the steel angles to provide stability during 
handling and ensure the mechanism will hinge about the compression edges.  To resist the 
flexural demands the dogbones act in tension while the angles bear on one another along 
the compression edges, creating a moment-couple that governs the global resistance of the 
panel.  The dogbone cross-section was designed such that the dogbones would yield under 
the flexural response of the wall prior to reaching the tensile capacity of the angles or 
reinforcement.  The length of the dogbone was chosen to control the amount of joint 
opening and hence the global deflection of the panel.  To utilize the dogbone method in 
practice, design details would need to be considered to simplify construction. 
The unbonded reinforcement method created a localized mechanism over the unbonded 
length.  Localized unbonded methods have been successfully used for beam-column 
connections in seismic applications (El-Sheikh et al. 2000); however, this is the first time 
locally unbonding has been utilized in RC wall panels to improve out of plane deformation 
capacity.  Unlike the dogbone method, the unbonded method was emulative, requiring little 
additional fabrication effort.  The flexural reinforcement was locally unbonded from the 
surrounding concrete via Teflon tubing at midspan.  In contrast to loading a conventionally 
reinforced panel that forms a distributed crack pattern, the unbonded panel was anticipated 
to form a single crack in the region of maximum moment.  This is due to the fact that the 
tensile bond stresses developed between the reinforcement and the concrete necessary for 
crack formation are not present in an unbonded panel (Park, Paulay 1975).  As the 
unbonded panel is loaded, the reinforcement will have uniform strain over the entire 
unbonded length rather than over a discrete crack width.  Similar to local unbonding, tests 
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on beams reinforced with undeformed reinforcing bars hooked at the ends exhibited near 
constant stress over the portion between the hooks (Mains 1951).  Figure 18 depicts the 
difference in reinforcement strain between a bonded and unbonded panel.  For a given 
displacement, a smaller original length over which the rebar stretches leads to larger 
strains; as opposed to the same rebar, at the same displacement level, straining over a larger 
original length.  
 
Figure 18: Bonded panel versus unbonded panel reinforcement strain 
In order to maintain equilibrium, an equivalent compressive force must balance the tensile 
force; consequently, the larger the force in the tensile reinforcement, the larger the force in 
the concrete compression zone.  By straining over a larger original length, the strains and 
thus the forces in the rebar are reduced, thus delaying crushing of the concrete in the 
compression zone, allowing larger ultimate displacements to be reached.  Decreasing the 
compressive force also decreases the panel’s maximum moment capacity due to the 
decreased force couple.  Furthermore, unbonding the longitudinal reinforcement will soften 
the post cracking stiffness of the panel as the rebar bond is not present to slow the 
propagation of the crack formed at center span. 
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4.3.4. Experimental Program 
To assess the performance of the dogbone and unbonded panels, conventionally reinforced 
panels were fabricated, creating a total of eighteen panels tested to failure.  To isolate 
experimental variables between specimens, the longitudinal and transverse reinforcement 
types and locations were consistent among each specimen type.  Generic panel details are 
illustrated in Figure 19.  Fully bonded panels with continuous longitudinal reinforcement 
served as the control group.  The control panel design was selected based on a single wythe 
of specimen TS2 tested in (Naito et al. 2011b); however, to prevent shear failure from 
controlling, the depth of the longitudinal reinforcement was increased from 38.1 mm (1.5 
in.) to 63.5 mm (2.5 in.) in order to increase the panel shear capacity.  Local unbonding 
was achieved with 0.79 mm (0.03 in.) thick Teflon tubes placed over the rebars at center 
span.  The thickness of the Teflon tubing was selected to prevent bar deformations from 
protruding, thus eliminating any effect of mechanical interlocking of the rebar and 
surrounding concrete.  Three unbonded lengths were chosen (20, 40, and 60 bar diameters), 
where the 20db unbonded length was selected based on the requirement of 10º support 
rotation.  The elongation needed for the unbonded reinforcement was approximated by the 
product of twice the support rotation and the reinforcement depth.  The required unbonded 
length was then determined from the calculated bar elongation and the reinforcement strain 
at ultimate, provided through tensile tests.  The experimental test matrix is provided in 
Table 5. 
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Table 5: Test matrix 
Panel Name Quantity 
Length of 
Unbonding 
Control 6 0 
Unbond 1 3 20db 
Unbond 2 3 40db 
Unbond 3 3 60db 
Dogbone 3 0 
 
 
Figure 19: Panel layouts [1 in. = 25.4 mm] 
Panels were monotonically loaded to failure via a displacement controlled line load applied 
at center span.  The panels were simply supported with a roller free to move at one end and 
a clamped roller at the other.  Stroke of the testing apparatus allowed the panels to reach a 
maximum support rotation of approximately 30º.  Linear variable displacement transducers 
were placed at midspan on both sides of each panel to determine an average center span 
displacement. 
Material strengths of the panels were determined by evaluating available reinforcement and 
concrete samples.  Tensile testing of steel samples was conducted in accordance with 
ASTM E8-04 and ASTM A370-12.  The elastic modulus, yield stress, ultimate stress, 
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fracture strain, and a full stress-strain curve were determined through a series of tensile 
tests on reinforcement and dogbone members.  All transverse and longitudinal 
reinforcement for the control and unbonded panels were ASTM A615-09 Gr.420 (Table 6) 
and ASTM A706 Gr.420 for the dogbone panels due to the welding detail.  The dogbone 
members were fabricated from ASTM A572 Gr.345 6.35 mm (0.25 in.) flat plate (Table 6).  
Concrete compressive strength was evaluated in accordance with ASTM C39 and C469 
(Table 7).  Stress-strain curves for concrete were determined experimentally through the 
use of a 102x203 (4x8) cylinder compressometer collar.  The concrete stress strain 
response was approximated using Popovics’ model (Popovics 1973). 
Table 6: Steel material properties 
Property A615 Gr.420 A706 Gr.420* A572 Gr.345  
Modulus  
GPa (ksi) 
206.8±38.6 
(30000±5600) 
200 
(29000) 
N.A. 
Yield Stress  
MPa (ksi) 
485.4±8.3 
(70.4±1.2) 
452.3 
(65.6) 
377.1±4.8 
(54.7±0.7) 
Yield Strain 0.18% .23% N.A. 
Ultimate Stress  
MPa (ksi) 
734.3±6.2 
(106.5±0.9) 
650.2 
(94.3) 
513.7±5.5 
(74.5±0.8) 
Ultimate Strain 10.5% N.A. 16.3% 
Fracture Stress  
MPa (ksi) 
N.A. N.A. 
357.8±2.8 
(51.9±0.4) 
Fracture Strain 18.9% N.A. 27.2% 
* Data from mill certification 
 
Table 7: Concrete properties 
Property Cylinder Data 
Standard 
Deviation 
Variation 
Elastic Modulus GPa (ksi) 13.3 (1900) 
2.1 
9.1% 
Compressive Strength MPa (ksi) 31.8 (4.6) 
3.5 
9.5% 
Strain at Comp. Strength 0.46% 
N.A. 
N.A. The constitutive properties of the concrete and steel are illustrated in Figure 20.  The solid 
lines signify average experimental data curves while dashed lines signify approximate 
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curves utilized in numerical and analytical models.  Due to a malfunction in the testing 
apparatus, only one cylinder stress-strain curve was utilized.  Popovics’ model was cut off 
at a strain of 0.022 to coincide with the cylinder test data. 
 
Figure 20: Steel and concrete stress-strain curves 
The panel load–deflection results are summarized in Table 8.  Force-rotation curves for the 
control panels are provided in Figure 21.  The average response for each panel group was 
computed by averaging the force level of each panel at each given rotation interval.  Figure 
22 summarizes the average response of each specimen group, i.e. control, dogbone, 20db, 
40db and 60db. 
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Table 8: Summary of measured panel response 
Specimen 
Max Load 
kN (kip) 
Max 
Moment  
kN-mm 
(kip-in) 
Deflection 
@ Max 
Load 
mm (in) 
Rotation 
@ Max 
Load 
deg 
Final 
Deflection 
mm 
(in) 
Final 
Rotation  
deg 
Control 1 17.7 (4.0) 5378 (48) 34 (1.3) 3.2 79 (3.1) 7.4 
Control 2 17.4 (3.9) 5299 (47) 35 (1.4) 3.3 71 (2.8) 6.8 
Control 3 18.3 (4.1) 5581 (49) 45 (1.8) 4.3 168 (6.6) 15.8 
Control 4 18.5 (4.2) 5627 (50) 46 (1.8) 4.3 130 (5.1) 12.6 
Control 5 18.0 (4.0) 5491 (49) 32 (1.3) 3.0 135 (5.3) 3.7 
Control 6 19.0 (4.3) 5807 (51) 51 (2.0) 4.8 140 (5.5) 13.3 
Dogbone 1 18.4 (4.1) 5604 (50) 82 (3.2) 7.7 102 (4.0) 9.6 
Dogbone 2 18.5 (4.2) 5638 (50) 69 (2.7) 6.5 91 (3.6) 8.7 
Dogbone 3 18.6 (4.2) 5672 (50) 79 (3.1) 7.4 102 (4.0) 9.5 
20db Unbond 1 16.2 (3.6) 4937 (44) 97 (3.8) 9.2 145 (5.7) 13.7 
20db Unbond 2 16.2 (3.6) 4949 (44) 121 (4.8) 11.4 175 (6.9) 16.8 
20db Unbond 3 17.9 (4.0) 5446 (48) 83 (3.3) 7.8 137 (5.4) 12.9 
40db Unbond 1 15.6 (3.5) 4745 (42) 135 (5.3) 12.9 201 (7.9) 19.1 
40db Unbond 2 14.7 (3.3) 4485 (40) 118 (4.6) 11.2 231 (9.1) 22.2 
40db Unbond 3 14.3 (3.2) 4373 (39) 119 (4.7) 11.3 196 (7.7) 18.8 
60db Unbond 1 14.8 (3.3) 4508 (40) 160 (6.3) 15.2 295 (11.6) 28.9 
60db Unbond 2 14.4 (3.2) 4395 (39) 16 (0.6) 1.5 249 (9.8) 24.1 
60db Unbond 3 13.4 (3.0) 4090 (36) 111 (4.4) 10.5 254 (10.0) 24.5 
 
 
Figure 21: Control panel performance 
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Figure 22: Panels averaged about the applied force 
The six control panels tested in this program were of identical geometry and layout.  All 
control panels exhibited similar behavior and failure mechanisms.  Multiple shear-flexure 
cracks formed near midspan of the specimens and propagated upwards towards the loading 
head.  The panels displayed a bilinear response consisting of an elastic regime followed by 
a hardening response, until approximately 17.8 kN (4.0 kip) at 4.0º of support rotation 
when the compression zone crushed, thus forming a mechanism leading to a continuous 
drop in the panels’ resistance. 
Three identical dogbone panels were tested in this experimental program.  All dogbone 
panels exhibited similar behaviors and failure mechanisms.  As each dogbone panel was 
loaded, the steel angle inlays at midspan began to open at the tensile face and hinge about 
the compression edge, forcing the load to be transferred primarily through the dogbone 
members in a combination of bending and axial force.  The initial stiffness of the dogbone 
panel was decreased due to stretching of the reinforcement anchoring the steel angles.  On 
average, the dogbone panels achieved a maximum load of 18.5 kN (4.2 kip) and an 
ultimate support rotation of 9.8º.  As designed, the failure of each dogbone panel was 
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characterized by yielding and fracture of the steel dogbone members at the necked region.  
The bending force acting on the dogbone at the edge of each angle inlay in conjunction 
with the axial force generated from the opening of the hinge caused the dogbone members 
to fail before the panels reached 10º of rotation.  Detailed analysis of the failure of the 
dogbone panel is provided in the analytical modeling section. 
The nine locally unbonded panels tested in this experimental program differed only in the 
unbonded length.  Unlike the control panels, the unbonded panels formed only a single 
flexural crack at center span.  As expected, locally unbonding decreased the post cracking 
stiffness due to the lack of bond to prevent crack propagation.  Additionally, maximum 
resistance of unbonded panels was lower than the conventionally bonded panels due to the 
decrease in the tension-compression moment arm.  At smaller displacements, the strain in 
the longitudinal reinforcement was controlled by axial stress; however, as the panel 
continued to deflect, bending stresses became more significant.  The coupling of bending 
and axial stress led to fracture of the longitudinal reinforcement while allowing the 
compression zone to remain intact.  The loading setup, control, dogbone, 20db, 40db, and 
60db panels at ultimate displacement are shown in Figure 23. 
 
Figure 23: Loading setup and panels at ultimate 
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4.3.5. Analytical and Numerical Modeling 
The measured control, dogbone and unbonded panels are compared with numerical and 
analytical approaches for estimating response.  The control is compared to a fiber analysis 
approach, the dogbone to a basic analytical approach and the unbonded system to a 
numerical approach. 
Control Panel Performance 
To predict the response of the control panel, a fiber analysis was performed (in accordance 
with the method previously discussed) on the cross section utilizing the material properties 
from Figure 20.  Figure 24 illustrates the results of the fiber analysis against bounded 
experimental results of the control panel.  The fiber analysis indicates that the numerical 
approach provides an accurate estimate of reinforced concrete panel response.  
Additionally, the approach justifies the concept of limited ductility when subject to out of 
plane demands due to failure of the concrete rather than fracture of the rebar. 
 
Figure 24: Fiber analysis (dotted) versus bounded experimental results 
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Dogbone Panel Performance 
The flexural response of the panel is primarily dependent on the axial deformations of the 
dogbones as the joint opens; however, the dogbone is also subjected to flexure as illustrated 
in Figure 25.  The combination of axial and bending stress reduces the ductility of the 
dogbone panel.  By utilizing constitutive relations, equilibrium, and compatibility, both of 
these mechanisms can be accounted for to determine the force-rotation response of the 
panel. 
  
Figure 25: Average dogbone experimental versus analytical results 
As shown in Figure 25, the axial deformation of half of the dogbone, δ, can be 
approximated by Equation 1, where h is the depth of the panel, t is the thickness of the 
dogbone and θ is the support rotation.  Axial strain can then be determined by dividing the 
total axial dogbone deformation by the original undeformed length, ℓo.  Bending curvature 
of the dogbone, φ, can be approximated by calculating a plastic hinge length, ℓp1, as given 
in Equation 2.  A plastic hinge length of 14.7mm (0.58 in.) was determined by calculating 
the moment capacity of the section at the end of the yield plateau, Mey, solving for the load 
applied at which Mey is reached and then finding the point along the neck where yield first 
occurs.  The bending strain distribution in the dogbone can be computed from the product 
of the curvature and the distance from the neutral axis of the dogbone to each fiber in 
question, z.  The total strain is approximated by decoupling the axial and bending strains 
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and summing as separate components as given in Equation 3.  The stress distribution, σt, of 
each dogbone is then determined by utilizing the constitutive relation between stress and 
strain for the dogbone member given in Figure 20.  The force in each dogbone can be 
calculated by integrating the stress distribution with Equation 4, where w is the width of 
the dogbone member.  Although the contribution of the additional moment due to bending 
of the dogbone to the total bending moment is less than 1%, it is accounted for with 
Equation 5.  The total bending moment is then approximated by assuming a moment arm, 
which decreases as a function of displacement, equal to the summation of the thickness of 
the panel and half the thickness of the dogbone, as given in Equation 6, where Ndbone is the 
number of dogbones on the panel.  Finally, the applied load, P, can be determined through 
statics as provided in Equation 7.  The analytical model is compared to the experimental 
average of the dogbone panels in Figure 25.  The model neglects stretching of the angle 
anchorage, leading to an overestimation of the initial panel stiffness. 
𝛿(𝜃) = (ℎ + 𝑡 2⁄ ) sin𝜃 Equation 1 
where δ is the approximate stretch of the dogbone at midspan, h is the depth of the panel, t 
is the thickness of the dogbone, and θ is the support rotation of the panel 
𝜑(𝜃) = 𝜃 𝑙𝑝1
⁄  Equation 2 
where φ is the approximate curvature in the dogbone due to bending, and lp1 is the 
calculated plastic hinge length 
𝜀𝑡(𝜃, 𝑧) =
2𝛿(𝜃)
𝑙𝑜
+ 𝜑(𝜃)𝑧 Equation 3 
where εt is the total strain in the dogbone, lo is the original undeformed length and z is the 
distance from the neutral axis of the dogbone to each fiber in question 
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𝐹 = ∫ 𝜎𝑡(𝜃, 𝑧)𝑑𝐴 =
𝑡/2
−𝑡/2
𝑤∫ 𝜎𝑡(𝜃, 𝑧)𝑑𝑧
𝑡/2
−𝑡/2
 Equation 4 
where F is the total force in the dogbone, σt is the total stress in the dogbone, dA is an 
infinitesimal area of dogbone, and w is the width of the dogbone 
𝑀 = ∫ 𝑧𝜎𝑡(𝜃, 𝑧)𝑑𝐴 =
𝑡/2
−𝑡/2
𝑤∫ 𝑧𝜎𝑡(𝜃, 𝑧)𝑑𝑧
𝑡/2
−𝑡/2
 Equation 5 
where M is the total bending moment in the dogbone 
𝑀𝑜 = [𝐹 ∗ (ℎ +
𝑡
2⁄ ) ∗ cos⁡(𝜃) + 𝑀] ∗ 𝑁𝑑𝑏𝑜𝑛𝑒 Equation 6 
where Mo is the bending moment of the panel at midspan and Ndbone is the number of 
dogbones 
𝑃 =
4𝑀𝑜
𝐿
 Equation 7 
where P is the total applied force at panel midspan, and L is the panel span length 
Unbonded Panel Performance 
The unbonded panel was examined using numerical and analytical approaches.  Numerical 
models were executed by a general-purpose finite element (FE) analysis package, Abaqus 
(Dassault 2010).  FE models offered insight into the behavior and failure mechanism of the 
conventionally reinforced panel versus the unbonded panels.  In this study, FE models were 
developed for the control, 20db unbonded, and 40db unbonded panels respectively and then 
validated by comparing the simulation results with experimental data. 
Accurately modeling the damage behavior and fracture of reinforced concrete is difficult in 
FE modeling.  In reality, concrete is comprised of a heterogeneous group of material 
properties.  A single material model was selected to represent the concrete out of simplicity 
and minimize the number of assumptions for unknown properties.  The concrete damaged 
plasticity model was selected to represent the inelastic behavior of the reinforced concrete 
elements based on the assumption of isotropic damage.  This model takes into 
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consideration the degradation of the elastic stiffness induced by plastic straining both in 
tension and compression, and provides a plasticity-based continuum damage model for 
concrete.  In damaged plasticity, the two main failure mechanisms are tensile cracking and 
compressive crushing of the concrete material.  Engineering stress-strain curves from 
Figure 20 were input into the damaged plasticity model for concrete and the plastic 
material card for the reinforcement.  Concrete was modeled with 8-node quadratic brick 
solid elements (C3D8), while the reinforcement was modeled with 3-node quadratic truss 
elements (T3D3).  
The nodes of the concrete and rebar parts were merged in the bonded region, to represent 
the physical behavior between the rebar and concrete.  To model the physical behavior of 
the panel in the unbonded region, the concrete and rebar nodes were left unmerged, while 
stiff axial spring elements were added to the reinforcement in order to constrain the 
displacement of the rebar in the vertical or out-of-plane direction while allowing translation 
in the longitudinal direction.  The panel was simply supported and a nodal displacement 
was enforced in the top centerline nodes.  The vertical displacements of the nodes at the 
bottom centerline were monitored. To simulate the experimental loading condition, the 
displacement along the top line of nodes at the center of the panel was enforced, and the 
resistance was extracted from the reaction forces. 
The results from the FE analyses provide an accurate estimate of the measured response up 
to a support rotation of 5º, as seen in Figure 26.  Model and experimental results begin to 
diverge past 5º of rotation; however, all output extracted from the model was done within a 
support rotation of 5º.  
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Figure 26: FE versus experimental 
The flexural resistance of the panels is formed by the moment couple between the 
compression force developed in the concrete and the tension force in the rebar.  The FE 
models were used to investigate the difference in the flexural mechanisms of the control 
and unbonded panels by studying these two components.  The strain was used as a 
parameter to describe the effect of the unbonded reinforcement on the distribution of the 
stresses and the formation of the flexural mechanism. 
The strain in the truss elements was output from the FE models along the length of the 
panel, as shown in Figure 27. The models agree that the unbonded reinforcement behaves 
as assumed in Figure 18. The unbonded reinforcement strains over the entire length of the 
unbonded region, while the bonded panel peaks at a crack location.  This results in strain 
that is lower in the unbonded panels than the control panel at a given displacement. 
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Figure 27: Rebar strain comparison at 19.1 mm (0.75 in.) of panel deflection 
The compressive strain in the concrete elements was also output along the length of the 
panel.  As the strain varies along the depth of the panel from the neutral axis to the extreme 
compressive fiber and along the width with the largest strains generally occurring at the 
center, an average strain value was plotted along the length of each panel (Figure 28).  The 
figure indicates that the unbonded reinforcement decreases the ultimate strain in the 
concrete as well. Both unbonded panels have a lower peak strain at midspan than the 
control panel.  Outside of the unbonded region, all panels provide similar strain results. 
 
Figure 28: Concrete strain comparison at 19.1 mm (0.75 in.) of panel deflection 
The FE models indicate that unbonding the reinforcement leads to smaller peak strains in 
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the rebar and thus the concrete. As stated before, these two components form the flexural 
resistance of the panel; therefore, a local failure of one of these two components, fracture 
of the rebar or crushing of the concrete, controls the global failure of the panel. Thus, 
distributing the strains over the unbonded region and lowering the peak strain results in a 
panel that is able to deform further while decreasing the maximum load capacity. 
Analytical Modeling of Unbonded Panel 
Similar to the dogbone panel, an approach based on assuming a mechanism at center span 
is utilized to develop an analytical model to predict the response of the unbonded panels.  
Equation 8 calculates the stretch of the rebar at the opening of a crack at center span where 
d is the reinforcement depth and R is a reduction factor such that the moment arm is 
approximately equal to the centroid of the compression zone subtracted from the 
reinforcement depth.  A value of R equal to 0.85 was determined through the fiber analysis 
of the conventionally bonded panel.  Equation 9 approximates the curvature of the 
reinforcement from bending as the quotient of the support rotation and an assumed plastic 
hinge length, ℓp2, equal to two times the bar diameter.  Equation 10 calculates the total 
strain distribution in the reinforcement as the summation of the axial and bending 
components where ℓb is the unbonded length of the panel and z is the distance from the 
neutral axis of the rebar to each fiber in question.  From Figure 20, the stress distribution in 
the reinforcement can be determined from the calculated strain distribution.  Equation 11 
and Equation 12 calculate the total force and bending moment in the reinforcement by 
integrating the stress distribution over the area of the reinforcement.  The width of the 
reinforcement is a function of the reinforcement thickness, w(z), as the rebar has a circular 
geometry.  Equation 13 calculates the total bending moment of the panel, where Nrebar is the 
number of rebars in the panel.  The applied force is then determined through statics, as 
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provided in Equation 14, where L is the span length of the panel.  In addition to the 
mechanism at center span, deformation of the bonded region is accounted for with a fiber 
analysis, which primarily affects the initial stiffness of the panels. 
𝛿(𝜃) = 𝑅 ∗ 𝑑 sin 𝜃 Equation 8 
where δ is the approximate stretch of the rebar at midspan, R is a moment arm reduction 
factor, d is the reinforcement depth and θ is the support rotation of the panel 
𝜑(𝜃) = 𝜃 𝑙𝑝2
⁄  Equation 9 
where φ is the approximate curvature in the rebar due to bending, and lp2 is a plastic hinge 
length taken as two times the rebar diameter 
𝜀𝑡(𝜃, 𝑧) =
2𝛿(𝜃)
𝑙𝑏
+ 𝜑(𝜃)𝑧 Equation 10 
where εt is the total strain in the rebar, lb is the unbonded length of the rebar and z is the 
distance from the neutral axis of the rebar to each fiber in question 
𝐹 = ∫ 𝜎𝑡(𝜃, 𝑧)𝑑𝐴 =
𝑑𝑏/2
−𝑑𝑏/2
∫ 𝜎𝑡(𝜃, 𝑧)𝑤(𝑧)𝑑𝑧
𝑑𝑏/2
−𝑑𝑏/2
 Equation 11 
where F is the total force in the reinforcement, db is the maximum diameter of the rebar, σt 
is the total stress in the reinforcement, dA is an infinitesimal area of rebar, and w is the 
width of the reinforcement 
𝑀 = ∫ 𝑧𝜎𝑡(𝜃, 𝑧)𝑑𝐴 =
𝑑𝑏/2
−𝑑𝑏/2
∫ 𝑧𝜎𝑡(𝜃, 𝑧)𝑤(𝑧)𝑑𝑧
𝑑𝑏/2
−𝑑𝑏/2
 Equation 12 
where M is the total bending moment in the reinforcement 
𝑀𝑜 = [𝐹 ∗ (𝑑 ∗ 𝑅) ∗ cos⁡(𝜃) + 𝑀] ∗ 𝑁𝑟𝑒𝑏𝑎𝑟 Equation 13 
where Mo is the bending moment of the panel at midspan and Nrebar is the number of rebars 
𝑃 =
4𝑀𝑜
𝐿
 Equation 14 
where P is the total applied force at panel midspan, and L is the panel span length 
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The results of the analytical model versus the 20db and 60db unbonded panels are provided 
in Figure 29.  Failure of the panel was restricted to rebar fracture in the analytical model.  
The model adequately captures the failure point of the unbonded section; however, the 
model unconservatively predicts the ultimate capacity of the panel at shorter unbonded 
lengths.  Further research is necessary to determine the unbonded length at which the 
compression zone controls the failure mechanism of the panel and to develop a more 
accurate analytical model. 
 
Figure 29: Analytical model versus average experimental results 
4.3.6. Flexural Mechanism Conclusions 
Developing a predictable flexural mechanism in thin, conventionally reinforced concrete 
elements is a concern for applications requiring large ultimate displacements, such as a 
blast design scenario.  Two approaches for achieving this design objective were presented.  
The results of this research are: 
 A flexural mechanism with sustained resistance does not occur in thin concrete 
elements due to crushing of the concrete in the compression zone.  The fiber analysis 
model conducted in this paper confirms that panels which are classified as tension 
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controlled by ACI 318-11 R10.3.4 may have limited ultimate deformation capacity due 
to concrete compression failure.  
 A predictable hinge can be created by utilizing a specially designed steel mechanism at 
the center of the panel.  Dogbone panels were designed to obtain a support rotation of 
10⁰ and a yield force equal to the nominal moment of a conventionally reinforced 
panel.  Analytical methods based on first principles accurately predict the behavior of 
the dogbone panel. 
 Dogbone panels require considerable effort to fabricate, deviating significantly from 
traditional cast-in-place techniques.  Further research on alternative design details may 
be required for the dogbone method to be applicable in practice. 
 Locally unbonding longitudinal reinforcement provides a predictable, ductile flexural 
mechanism in an emulative manner while maintaining enough development to allow 
transmission of the necessary bar forces to attain a high panel resistance. 
 An analytical model based on a localized flexural mechanism and deformable beams 
was developed to predict the behavior of unbonded panels. 
4.4. Insulated Panel Performance  
Flexural mechanisms were developed to improve the response of solid concrete members; 
however, to improve the thermal resistance of a panel, an insulated panel must be used.  In 
order to assess the performance of an insulated panel to a blast load, it is first necessary to 
understand the behavior of the insulated panel.  Once the behavior is understood, the 
resistance function of the panel can be obtained and the standard, validated SDOF 
approach can be utilized to determine the response of an insulated wall panel to a blast 
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load.  The following sections experimentally and numerically discuss the behavior of an 
insualted wall system. 
4.4.1. Introduction to Insulated Wall Panels 
Energy consumption and preservation has become a major concern among the threat of 
climate change and the increasing cost of utilities. While many sectors in the U.S. 
contribute to the nation’s energy consumption, building operations alone account for 41% 
(Preservation Green Lab 2011). The construction industry responded to the energy crisis by 
forming a U.S. Green Building Council (USGBC) to promote sustainability in the building 
and construction industry (Fedrizzi 2014). Since the establishment of the concept of 
“Leadership in Energy and Environmental Design” (LEED) certified buildings by the 
USGBC in 2000, the number of LEED projects has grown significantly. From 2011 to 
2012, the number of LEED certified U.S. federal buildings grew by more than 50% (Katz 
2012), while up to 48% of all new nonresidential construction is estimated to be green by 
2015 (Research and Analytics 2010). One requirement for a building to become LEED 
certified is to minimize energy consumption through the use of efficient heating, 
ventilation, air conditioning, and other systems (USGBC 2005). For these systems to be 
effective, however, the facility must have a thermally resistant building envelope.  
In 1954 Collins (1954) illustrated that energy saving benefits could be achieved through a 
composite cladding system comprised of concrete and insulating foam. Development of 
insulated wall panels continued with research on the effect of insulation properties on the 
flexural stiffness of panels by Pfiefer and Hanson (1964). With the recent emphasis on 
sustainable construction, researchers and developers have been refining the insulated panel 
to improve thermal resistance without compromising the structural integrity of the wall 
panel (Bush and Stine 1994). One method to improve the thermal behavior of the wall 
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involves replacing highly conductive material, such as steel, with thermally efficient 
material. Thermally resistive shear ties comprised of carbon fiber-reinforced polymers 
(CFRP) glass fiber-reinforced polymers (GFRP) have been shown to provide the required 
flexural resistance (Frankl, Lucier, Hassan and Rizkalla 2011 and Woltman Tomlinson, and 
Fam 2013).  
Multi-wythe insulated concrete panels are a popular form of exterior building cladding 
used by the precast concrete industry for residential and commercial buildings.  Insulated 
wall panels have been produced in the United States for more than 50 years (PCI 2011).  
These wall systems consist of an exterior concrete wythe, an interior insulation layer, and 
an interior concrete wythe.  These systems can be configured with the interior and exterior 
wythe connected via shear ties to provide composite action to out-of-plane loads.  It can 
also be configured as non-composite with an interior structural wythe, an exterior 
architectural wythe, and nominal number of shear ties.  Insulated panel systems lend 
themselves to precast construction allowing for expedited onsite erection of the building 
envelope.  The insulation layer typically consists of expanded polystyrene (EPS), extruded 
polystyrene (XPS), or polyisocyanurate (Polyiso), and the type and thickness of the 
insulation materials depends on the energy efficiency requirement for the building 
envelope.  The most common use of insulated panels is for exterior walls, but they can also 
be adopted as internal partition walls, especially when thermal transmission within the 
facility is restricted. 
This part of the research experimentally and analytically examines the performance of 
prestressed and non-prestressed insulated non-loadbearing panels under uniform out-of-
plane loading. Conventional insulated wall panel design in accordance with the 
precast/prestressed concrete institute (PCI 2011) is reviewed and assessed. The effect of 
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reinforcement type is evaluated for both solid and insulated wall panels. The contribution 
of the insulation type to the panel performance is examined. The influence of the shear tie 
mechanical and geometric properties on the behavior of the panel is investigated. Finally, a 
mechanics based analytical approach for estimating the deflection of an insulated panel 
subject to flexure is provided. 
4.4.2. Current Design Methodology 
Insulated precast concrete wall panels, commonly referred to as sandwich panels, consist of 
a layer of insulation sandwiched between two layers, or wythes, of concrete. Due to the 
insulating layer, the panel provides a high thermal resistance without sacrificing an 
aesthetic design, economic fabrication and rapid installation inherit in precast products.  In 
order to design an insulated concrete wall panel, the function of the panel must first be 
considered with respect to various life cycle requirements (handling, construction, required 
service demands, energy goals, architectural requirements, etc.).  Strength and deflection 
limits are then determined in accordance with the IBC (ICC 2006), ACI 318-11 (ACI 
2011), or other local building codes (flexure demands, minimum steel requirements, fire 
mandates, etc.).  Up to this point, the process of designing an insulated wall panel has been 
no different than a traditional solid panel.  A decision must now be made as to whether the 
sandwich panel is to act compositely, non-compositely (no designed shear transfer between 
the exterior and interior wythes), or somewhere between the two.  All of this information 
dictates the necessary wythe and insulation thickness, material strengths, amount, and type 
and layout of reinforcement.  Once the nominal strength of the panel is determined, the 
demands on the shear ties can be determined. 
Shear ties are used to support the forces generated during fabrication, transportation, 
erection, and service life. Tie systems provide both shear and tension strength to the 
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interface between the interior and exterior wythe. In most cases compression is assumed to 
be transmitted through the insulation. The forces transferred between wythes, and thus ties, 
vary based on the applied load on the wall as illustrated in Figure 30. The combinations of 
shear and tension on the tie vary over the life of the structure. 
While the physical connection is necessary to create composite action allowing for a 
thinner, more structurally efficient panel, the connection allows heat to transfer directly 
between the concrete wythes in a phenomenon called “thermal bridging” decreasing the 
thermal efficiency of the panel (Trasborg and Naito 2013). By utilizing shear ties with a 
thermally resistive material, the effects of thermal bridging can be diminished or removed 
entirely. Many proprietary shear tie systems are available and can be selected based on 
strength, stiffness, thermal resistance, and cost. 
 
Figure 30: Forces on shear ties under various loading conditions 
In the United States the use of shear ties are at the discretion of the precast producer.  To 
provide more acceptance in various municipalities acceptance criteria have been developed 
for shear ties by the International Code Council (ICC).  The ICC develops model codes and 
standards to ensure safe, sustainable, affordable and resilient structures.  Currently, 50 
states and the District of Columbia have adopted codes from the ICC at the state or 
jurisdictional level (ICC 2014).  ICC AC320 (ICC 2006) and ICC AC422 (ICC 2010) 
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dictate how to determine the strength, allowable service load, spacing, conditions of 
acceptance, quality control, etc. for discrete and continuous ties respectively.  Additionally, 
AC422 specifies how to handle ties subjected to combined shear and tension forces.  These 
acceptance criteria help to ensure that the various shear ties perform adequately for 
building applications. 
Shear ties may be placed at discrete locations or distributed along the length of the panel. 
Shear ties can be used to allow the interior and exterior wythe to work in tandem to resist 
externally applied flexural loads. For insulated panels with shear connectors, the flexural 
behavior can be classified as non-composite, composite, or partially-composite. These 
scenarios are illustrated in Figure 31. Full composite behavior is characterized as flexural 
response based on a linear strain profile over the panel section and negligible relative slip 
between the exterior and interior wythes (Figure 31B). Non-composite behavior exists 
when the interior and exterior wythes act independently to resist applied loads. This can be 
compared to loading two stacked slabs with a frictionless interface between them. Due to 
compatibility, the stacked slabs must have the same curvature, rotation, and displacement 
along the length. This results in measurable relative slip between the two wythes (Figure 
31C). Between the two extremes is the case of partially composite behavior. Partially-
composite behavior is characterized by a level of shear transfer between the interior and 
exterior wythes and resistance to relative slip (Figure 31D). With a high degree of shear 
transfer the panel will tend toward that of a composite section and with a low degree of 
shear transfer the panel will tend toward the non-composite section. 
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Figure 31: Flexural behavior of insulated concrete wall panels 
The conventional approach for designing a composite panel is based on the horizontal 
shear generated from the balance of flexural compression and tension forces in the section 
(PCI 2011). For design against positive flexure, the tensile force from the reinforcement in 
the interior wythe, T, and a conservative estimate of the concrete compressive force in the 
exterior wythe, C, are calculated by Equation 15 and Equation 16 respectively. The 
interface shear demand on half of the panel, Vh, is then taken as the minimum of the worse-
case tension or compression force on the section, Equation 17. 
𝑇 = 𝐴𝑠 ∙ 𝑓𝑦 + 𝐴𝑝𝑠 ∙ 𝑓𝑝𝑠 Equation 15 
Where As is the area of deformed bar, Aps is the area of prestressing steel, fy is the yield 
stress of the deformed bar, and fps is the stress in the prestressing steel stress at nominal 
strength. 
𝐶 = 0.85 ∙ 𝑓′𝑐 ∙ 𝐴𝑐 Equation 16 
Where f’c is the compressive strength of the concrete and Ac is conservatively taken as the 
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total area of the compression wythe. 
𝑉ℎ = min⁡(𝑇, 𝐶) Equation 17 
For a panel to be considered fully composite by the PCI method, the tie capacity multiplied 
by a reduction factor must be greater than Vh.  
This design approach relies on the assumption that all ties in the section achieve their 
specified strength at the same time, when the panel reaches its nominal flexural strength. 
Variation in tie deformation along the span of the panel due to compatibility of 
deformations between the interior and exterior wythe are not considered. The approach 
also does not account for variations in stiffness and ductility from one tie system to the 
next. For example, a stiff tie system that achieves strength at 1 mm of shear deformation 
would be considered equivalent to a flexible tie system that does not achieve strength until 
20 mm. Consequently, the actual level of composite action achieved in the approach may 
not be effectively met. 
Partially composite behavior is achieved with the PCI approach by using less ties than that 
needed for the design interface shear demand. While this approach may be adequate for 
conventional demands such as erection and wind where the response of the panel remains 
elastic, under extreme loading such as blasts the nonlinearity of the panel and interface ties 
should be considered. If a panel has the potential to be loaded to its ultimate flexural 
response during service, the load-deformation response of the insulated wall panel must be 
predictable. The load-deflection response of composite and non-composite reinforced 
concrete wall panels can be readily determined using well-established approaches (Keba 
and Mahin 1984, DoD 2008). The response of a partially composite wall panel however is 
not discernable since the level of shear transfer cannot be accurately determined using the 
PCI design approach. An alternate approach was developed by Salmon and Einea (1995) 
62 
for determination of partially composite panel deflections. The method however is limited 
to relatively small thermal bowing deflections and cannot be used to examine the response 
at flexural strength. 
An experimental study is conducted to examine the performance of insulated wall panels 
and their sensitivity to tie strength and stiffness. The behavior observed is used to develop 
and validate an analytical approach for determining the load-deflection response of 
partially composite panels. 
4.4.3. Experimental Program 
A total of 19 panel configurations were examined through experimental testing. Due to 
repetition of the experiments a total of 51 panel tests are included in the study. The test 
matrix is provided in Table 9. Panels listed with the subscript “+” in Table 9 are taken 
directly from (Naito et al. 2014a), with more detailed information available in Naito et al. 
(2011). The remaining panel configurations represent new experimental data. The first 
letter of the panel ID signifies the reinforcement type with “P” for prestressing steel, “R” 
for non-prestressed steel, and “B” representing the presence of both. The second letter of 
the panel ID signifies the total panel thickness with “t” representing 203.2 mm and “T” 
representing 228.6 mm. The third letter represents the foam type with “E” representing 
expanded polystyrene (EPS), “X” representing extruded polystyrene (XPS), and “P” 
representing polyisocyanurate (polyiso). The fourth and final letter represents the shear tie 
type with “L” representing C-Clip, “G” representing C-Grid®, “C” representing 
Thermomass® CC, “X” representing Thermomass® X-Series, “M” representing 
Thermomass® MC, and “N” representing #10 NU-Tie. Panel IDs “Pt” and “Rt” are for the 
prestressed and non-prestressed solid panels respectively. Note that there are two PtEG 
panels; however, PtEG2 has an extra 914mm of C-Grid® at each end of the panel. 
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Table 9: Complete test matrix 
Panel 
ID 
Reinforcement 
Per Wythe 
Panel 
Width 
Foam 
Thickness 
Foam 
Type 
Tie 
Type 
# of 
Samples 
[mm] [mm] 
PtEL+ 2-9.53mm strand 813 50.8 EPS 
Stainless 
C-Clip 
3 
PtEG+ 2-9.53 mm strand 813 50.8 EPS C-Grid® 3 
RtEG+ 2-#16 bar 813 50.8 EPS C-Grid® 3 
BtEG+ 
2-9.53 mm strand 
2-#16 bar 
813 50.8 EPS C-Grid® 3 
PTXL+ 2-9.53 mm strand 813 76.2 XPS 
Carbon 
C-Clip 
3 
PTXC+ 2-9.53 mm strand 813 76.2 XPS CC 3 
PTXG+ 2-9.53 mm strand 813 76.2 XPS C-Grid® 3 
RTXC+ 2-#16 bar 813 76.2 XPS CC 3 
PTPC+ 2-9.53 mm strand 813 76.2 Polyiso CC 2 
PTPG+ 2-9.53 mm strand 813 76.2 Polyiso C-Grid® 3 
PtEG2 2-9.53 mm strand 813 50.8 EPS C-Grid® 3 
RtXN 6-#10 GFRP Bar 813 50.8 XPS #10 NU 3 
PtXN 2-9.53 mm strand 813 50.8 XPS #10 NU 3 
RtXX 2-#16 bar 813 50.8 XPS X & CC 3 
PtXX 2-9.53 mm strand 813 50.8 XPS X & CC 3 
RtXC 2-#10 bar 305 50.8 XPS CC 1 
RtXM 2-#10 bar 305 50.8 XPS MC 1 
Rt 2-#16 bar 813 Solid None None 3 
Pt 2-9.53 mm strand 813 Solid None None 3 
Figure 32 provides a quarter-symmetry of the different cross-sections tested. Panels were 
either 305mm or 813mm wide with all bars placed in approximately the mid-depth of each 
wythe. Two 203.2 mm thick solid panels, Rt and Pt, with reinforcement at the same 
location as the 203.2 mm thick insulated panels were tested as a control group. 
 
Figure 32: Quarter symmetry of panel cross sections 
All panels measured 3.66 m in length and were simply supported with a clear span of 3.05 
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m. Seven different distributed or discrete shear connector systems were tested as shown in 
Figure 33. Placement of the ties varied based on the expected horizontal shear demand and 
the tie strength. The expected shear capacity of each tie system was either determined from 
past tests conducted by Naito et al. (2012) or through manufacturer published design 
strengths. 
 
Figure 33: Tie systems  
Naito et al. (2012) tested Thermomass® CC and MC ties, Dayton Superior stainless steel 
C-Clip, TSA Manufacturing carbon steel C-Clip and Altus Group C-Grid® with 50.8 mm 
of insulation to failure. The simplified shear load-displacement of each tie is shown in 
Figure 34 where discrete and distributed tie force values are shown on the primary and 
secondary ordinates respectively. For shear ties not tested by Naito et al., manufacturing 
data is used (Thermomass® 2012A) (Thermomass® 2012B). All tie strengths are tabulated 
in Figure 34. 
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Figure 34: Tie load-displacement and tabulated tie strengths 
Tie placement is shown with each corresponding panel in quarter symmetry in Figure 35. 
Ties were laid out following manufacturer recommendations. Note panels RtXC and RtXM 
were not included in the drawing due to the smaller cross section width than the other 
panels; however, panel RtXC had a single line of Thermomass® CC connectors spaced at 
406mm on center starting 203 mm from the panel end while panel RtXM contained only 
two Thermomass® MC connectors each located 914 mm out from center span.  
 
Figure 35: Quarter symmetry of panel tie layouts 
4.4.4. Experimental Test 
All panels were subjected to uniform loading either simulated with a loading tree (Naito et 
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C Thermomass® CC 11.8 kN
M Thermomass® MC 4.92 kN
X Thermomass® X 54.3 kN
G C-Grid with EPS 39.8 kN/m
L Carbon C-Clip 9.10 kN
L Stainless C-Clip 4.79 kN
N NU-Tie 55.2 kN
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al. 2014a) or supplied via water bladder as shown in Figure 36. The loading tree consisted 
of a steel beam connected to a single actuator at the center of the tree. Bar sections were 
pin connected to each end of the steel beam sections. This procedure was repeated until 
reaching the loading points which consisted of 16 pipes evenly distributed along the span 
of the panel. The balanced rockers that make up the loading tree result in equal point loads 
along the span and provide a uniform load. The ends of the panel were restrained from 
vertical translation while the applied load was determined by monitoring the load of the 
actuator. 
 
Figure 36: Uniform loading setups 
The water bladder setup consisted of a 4 m long steel table with XX strong pipes at each 
end to provide the simple supports. Each pipe section was restrained by two threaded rods 
which were pin connected to the steel table to allow the pipe sections to rotate freely. As 
the water bladder filled, the panel lifted until the ends made contact with the pipe sections. 
The water bladder was capable of applying 103 kPa of pressure with a maximum 
displacement of 760 mm. Water was chosen as opposed to air due to its incompressibility, 
allowing the unloading branch of the load-displacement graph of each panel to be captured. 
A through-hole load cell was placed between the pipe section and the top of each threaded 
rod. The total applied load was determined by summing all four load cells. 
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Panel displacement was determined by attaching a potentiometer to each side of the panel 
at mid-span as shown in Figure 37. Potentiometer results from each side were averaged to 
approximate the overall panel displacement. Linear variable differential transformers and 
string potentiometers were attached to the end of each insulated panel as shown in Figure 
37 to record the relative displacement between the end of each wythe, for the load tree and 
bladder setups respectively. Panel displacement is normalized relative to the span by 
converting it to an effective support rotation, θ, which is approximated by Equation 18. 
  
Figure 37: Center-span displacement and end-slip instrumentation 
𝜃 = tan−1 (
2Δ
𝐿
) Equation 18 
Where Δ is the average center panel displacement and L is the clear span length equal to 
3.05 m 
4.4.5. Experimental Results 
All panels were tested under monotonically increasing displacement until the 
reinforcement fractured, the testing apparatus reached maximum stroke, or the ends of the 
panel began to bear against the loading table. Figure 38 provides typical elevation views of 
different panel mechanisms and typical end-slip at the conclusion of each test. 
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Prestressed insulated panel 
 
Non-prestressed insulated panel 
 
Prestressed solid panel 
 
Non-prestressed solid panel 
 
GFRP insulated panel 
Figure 38: Elevation views of typical panel mechanisms  
Expected composite and non-composite moment capacities for each panel were determined 
based on the material properties and either the design dimensions or as built dimensions. 
The percent composite level obtained, %Compact, was computed using Equation 19. 
Conversely, the percent composite level the panel was designed to reach, %Compdes, was 
determined with Equation 20. 
%𝐶𝑜𝑚𝑝𝑎𝑐𝑡 =
𝑀𝑚𝑎𝑥 −𝑀𝑁𝐶
𝑀𝐶 −𝑀𝑁𝐶
 Equation 19 
Where Mmax is the maximum measured moment, MNC is the design non-composite moment 
capacity, and MC is the design composite moment capacity. If Mmax is less than MNC then 
%Compact is taken as zero. 
%𝐶𝑜𝑚𝑝𝑑𝑒𝑠 =
𝑉𝑡𝑖𝑒
𝑉ℎ
 Equation 20 
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Where Vtie is the tie system capacity and Vh is the horizontal shear demand from Equation 
17. Vtie is calculated by multiplying the number of ties by the tie capacity. 
Table 10 summarizes the average results for each panel type. Panel rotation and end-slip 
are provided at the maximum panel moment. Concrete strengths, f’c, are provided for each 
panel group based on design strengths or cylinder tests when available. Note that panel 
RtXM was designed to act non-compositely.  Concrete strength is provided in MPa, 
rotations in degrees, moment in kN-m, and shear force in kN. 
Table 10: Average panel results 
ID f'c 
θ @ 
Mmax 
Mmax 
Slip 
@ 
Mmax 
MC MNC Compact Vh Vtie Compdes 
PtEL* 56.7 1.77 29.3 4.45 33.5 14.6 77.5% 215 115 53.4% 
PtEG* 57.9 1.80 33.3 7.39 33.5 14.6 99.2% 215 146 67.7% 
RtEG* 58.0 3.93 34.6 1.25 36.0 12.4 94.1% 165 146 88.1% 
BtEG* 59.9 4.39 37.8 18.0 36.0 12.4 108.4% 381 146 38.3% 
PTXL* 60.8 5.93 30.3 23.5 39.3 14.6 63.3% 215 N.A. - 
PTXC* 60.6 4.90 31.6 15.3 39.3 14.6 68.6% 215 135 62.5% 
PTXG* 59.8 2.75 28.2 11.5 39.3 14.6 54.8% 215 - - 
RTXC* 61.1 5.91 30.3 21.3 41.6 12.4 62.2% 165 135 81.3% 
PTPC* 60.9 4.59 27.1 17.2 39.3 14.6 50.1% 215 135 62.5% 
PTPG* 59.4 1.99 36.5 6.60 39.3 14.6 88.6% 215 - - 
PtEG2 48.3 1.25 39.9 0.43 37.5 14.9 110.4% 215 169 78.3% 
RtXN 34.5 9.53 25.7 54.2 36.2 12.8 55.3% 445 165 37.2% 
PtXN 34.5 1.33 34.7 2.54 37.5 14.9 87.6% 215 165 76.9% 
RtXX 41.4 4.35 36.0 15.6 37.6 11.8 93.8% 165 179 108.3% 
PtXX 41.4 4.80 37.0 11.9 37.5 14.9 97.7% 215 214 99.6% 
RtXC 28.2 5.40 9.2 17.6 12.2 4.0 63.2% 59 53 90.2% 
RtXM 28.2 3.61 3.9 16.2 12.2 4.0 0% 59 5 8.4% 
Rt 48.3 7.90 44.9 0 37.6 - - - - - 
Pt 48.3 2.38 50.0 0 37.5 - - - - - 
*Calculated nominal capacities are based on measured as-built reinforcement depths 
The representative moment-rotation and slip-rotation for each panel type were calculated 
by averaging the measured moment and slip at each measured support rotation. This 
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approach is illustrated in Figure 39 for the three test results of panel RtXX. The moment 
and slip values are located on the primary and secondary ordinates respectively. The 
average curve terminates at the rotation corresponding to the point when all tests but one is 
complete due to failure or termination of the experiment. Figure 40 provides the average 
moment-rotations and slip-rotations for all the panels. Solid panels, Pt and Rt, are plotted 
against similar insulated panels in Figure 40a and Figure 40b respectively. Figure 40c and 
Figure 40d plot 229 mm thick panels of various shear tie type. Figure 40e plots three types 
of C-Grid® panels and finally Figure 40f plots 305 mm wide panels. 
 
Figure 39: Curve averaging procedure example 
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Figure 40: Average moment-rotation and slip-rotation for each panel 
4.4.6. Discussion of Results 
The majority of insulated panels examined exhibit a composite strength greater or 
comparable to what they were designed for. This is illustrated in a comparison of the 
%Compact and %Compdes in Table 10. Only two of the panels achieved a measured strength 
greater than the estimated composite strength using the PCI strength based approach. As 
depicted in Figure 40, all insulated panels exhibit significant end-slip as lateral load is 
applied. As previously discussed, based on the principles of mechanics, for a panel to act 
composite under flexure a linear strain profile must exist. This requires negligible relative 
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slip between the wythes. The fact that a panel can achieve a fully composite strength while 
exhibiting a substantial slip between the wythes is indicative that the assumption of 
composite behavior is not valid. This is further supported by the observation that the final 
end slips are on the same order of magnitude for all systems tested irrespective of tie type. 
Nevertheless, the global moment – rotation response of insulated panels are shown to be 
influenced by the insulation and tie type and distribution of ties. 
Effect of Insulation 
Panels with Polyiso and XPS insulation are compared to assess the effect of the foam on 
the panel behavior. Figure 41 presents the XPS insulation versus Polyiso insulation for 
panels with the C-Grid® shear tie system (a) and panels with the Thermomass® CC shear 
tie system (b). The use of Polyiso increased the strength of the C-Grid® panel over that of 
the XPS. It is noted that the Polysio used had a rough absorbent surface compared to the 
XPS insulation which is smooth and sealed. The additional roughness provided additional 
horizontal shear strength against flexural demands. The Thermomass® panels exhibited the 
opposite behavior. The use of Polyiso resulted in a decrease in strength over the XPS 
panel. The reason for this decrease is due to the fact that two 38 mm thick Polyiso sheets 
were used to make up the 76 mm foam thickness in the panel. This created a slip plane in 
the insulation thus reducing the shear strength. Based on these results the use of rough 
absorbent insulation foam can be used to increase the flexural strength of a panel. The use 
of multiple layers of foam or XPS foam will reduce these effects but will typically allow 
more deformation prior to failure. 
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Figure 41: Insulation type comparison: (a) C-Grid® panels, (b) Thermomass ® panels 
Effect of Tie Type and Distribution 
Comparisons of the performance of each tie system are made for panels with the same 
geometry and flexural reinforcement. Where possible, comparisons are made to the solid 
panels with the same reinforcement. The tie systems are compared in four different 
categories: 1) Stiffness, 2) Rotation at maximum moment, 3) Maximum moment, and 4) 
Percentage of composite action obtained compared to design. No comparisons were made 
for panels with distributed shear tie systems as stiffness data was not available for the tie 
systems. 
Four different discrete shear tie systems were tested for the prestressed panels: 1) Panel 
PtEL –Dayton C-Clips, 2) Panel PTXL – TSA C-Clips, 3) Panel PTXC - Thermomass® 
CC, and 4) Panel PtXX - Thermomass® CC and X-Series. The normalized post cracking 
stiffness and amount of end-slip of each system is shown in Figure 42 (a) and (b), 
respectively. The post cracking stiffness was calculated by the slope between 50% and 80% 
of the normalized maximum moment. Post cracking stiffness of panel PtEL, PTXL, PTXC, 
and PtXX was 0.631/deg, 0.119/deg, 0.226/deg and 0.799/deg, respectively. As shown in 
Figure 42b, panel PtXX had the smallest end-slip, followed by panel PTXC, PtEL, and 
PtXX. From the data, it was observed that smaller amounts of end-slip corresponded to 
stiffer panels. Additionally, PtXX contained the stiffest ties with an effective stiffness at 
13.4kN/m, followed by PtEL (6.06 kN/m), PTXC (3.86 kN/m), and PTXL (0.53 kN/m). 
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The panel stiffness was observed to correlate directly to tie stiffness, with stiffer ties 
leading to a stiffer panel.  
  
Figure 42: Prestressed panels with discrete ties (a) Post cracking stiffness, (b) End-slip 
Support rotations at maximum moment were calculated for each of the four panel groups 
and found to be 5.9°, 4.9°, 4.8°, and 1.8° for PTXL, PTXC, PtXX and PtEL, respectively. 
Similarly, end-slips at maximum moment were calculated for each of the four panel groups 
and found to be 23.5 mm, 15.3 mm, 11.9 mm, and 4.45 mm for PTXL, PTXC, PtXX, and 
PtEL respectively. Thus, larger support rotations correlate to larger panel support rotations 
at maximum moment. 
The maximum moment for each of the four panel groups was found to be 37.0 kN-m, 31.6 
kN-m, 30.3 kN-m, and 29.3 kN-m for PtXX, PTXC, PTXL, and PtEL respectively. 
Additionally, shear tie strength for each of the four panel groups was found to be 56 kN, 12 
kN, 9.1 kN, and 4.8 kN for PtXX, PTXC, PTXL, and PtEL respectively. Increased shear tie 
strength correlates with increased flexural capacity. 
Likewise, comparisons were made between the non-prestressed panels. Two different 
discrete shear tie systems were compared for the non-prestressed insulated panels: 1) Panel 
RTXC with Thermomass® CC, and 2) Panel RtXX with Thermomass® CC and X-Series 
ties. Similarly to the prestressed panels, stiffer shear ties correlate with an increased initial 
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panel stiffness, larger end-slip at maximum moment correlates to larger support rotation at 
maximum moment, and a stronger shear tie systems correlates to increased flexural 
strength. 
Effect of Longitudinal Reinforcement Type 
The effect of reinforcement type on the flexural response of the panels was examined. 
Panels were designed as both prestressed and non-prestressed with comparable flexural 
strength. A fiber analysis (Kaba and Mahin 1984) was conducted to assess the performance 
of the solid prestressed and non-prestressed panels (Trasborg et al. 2014b). The concrete 
behavior was approximated by Popovics’ model (Popovics 1973) and the reinforcement 
was simplified to a multi-linear stress-strain relationship as shown in Figure 43a. The 
material properties of the prestressing strand were taken from mill certifications while the 
properties of the deformed bar were approximated from tensile tests conducted in 
accordance with ASTM A370 (2012). Failure of the analytical model was limited to either 
crushing of the concrete or fracture of the longitudinal reinforcement. Figure 43b compares 
the estimated response to the average measured response of the solid panels.  
  
Figure 43: Solid analytical model (a) Material constitutive, (b) Model-experiment 
comparison 
As shown in Figure 43, the prestressed panel fails prior to the non-prestressed panel. 
Failure in both models, just as with the experimental tests, occurs once the reinforcing 
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strand and bar fracture. From the analytical model, it was determined that the deformation 
capacity of the prestressed panel was limited by the strain capacity of the reinforcing 
strand. Unlike the prestressed panel, the non-prestressed panel is reinforced with deformed 
bar with a strain capacity over two times greater allowing the panel to reach over twice the 
rotation before bar fracture. 
Longitudinal reinforcement type is also shown to influence the response of the insulated 
panels tested. Insulated panels having the same shear tie system, insulation type, and 
insulation thickness are compared in Figure 44. The use of prestressing in the insulated 
panels reduced the ductility in the system from that of non-prestressed reinforcement when 
comparing the response of highly composite panels such as the C-Grid® (Figure 44a) and 
Thermomass® X-Series (Figure 44b) panels which achieved 92 to 108% of their estimated 
composite flexural strength. The improvement in ductility, however is diminished when 
panels have lower levels of composite action as illustrated in the Thermomass® CC panels 
(Figure 44c), PTXC and RTXC which achieved only 62 to 69% composite action.  
   
Figure 44: Reinforcement comparison: (a) C-Grid®, (b) Thermomass® CC, (c) 
Thermomass® X-Series 
The experimental results indicate that all of the insulated panels examined exhibit 
measurable relative slip between the interior and exterior wythes indicative of partial or 
non-composite action. Furthermore, the flexural response of the insulated wall panels are 
correlated to the mechanical behavior of the shear tie system, including the stiffness and 
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strength of the shear tie. To better represent these conditions an analytical model is 
proposed to predict the response of an insulated panel utilizing the load-deflection 
characteristic of the shear connector and accounting for the shear tie location along the 
panel.  
4.4.7. Analytical Model 
The proposed analytical method presents a deformation based approach for designing shear 
tie systems accounting for the effectiveness of each shear tie based on the tie properties and 
location within the panel. The analytical model utilizes the full load-displacement behavior 
of the shear tie connector. The modeling procedure is briefly described and illustrated, 
followed by a validation with experimental data. Finally, parametric studies are carried out 
to assess the effect of the tie stiffness, strength, and deformation capacity on the global 
performance of the insulated wall panel.  
As an insulated panel is subjected to an out-of-plane load, the two panel wythes begin to 
deflect. As the load increases, the horizontal shear on the panel increases causing relative 
slip between the two wythes placing demands on the shear ties. This relative slip 
invalidates the assumption of plane sections through the entire panel thickness; however, 
the assumption is still valid for each individual wythe. As presented in the experimental 
results, all the insulated panels exhibit measurable end-slip indicating that the panels are 
not acting composite or that the assumption of composite behavior is not correct. To this 
end, the analytical model assumes that end-slip will occur regardless of the level of 
composite behavior achieved. 
First, a section analysis is performed to compute the moment-curvature relationship for A) 
Composite section and B) Non-composite section as shown in Figure 31. The moment-
curvature relationship for the composite section, MC-φ, is calculated by assuming a linear 
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strain profile through the entire cross section. For the non-composite section, moment-
curvature relationships are calculated for both the interior, Mbot-φ, and exterior wythe, Mtop-
φ. From compatibility, the relative deflection of each wythe must be equal assuming no 
out-of-plane separation occurs. For the deflection of each wythe to be equal at all points 
along the length, the curvature along the length of each wythe must also be equal. The 
moment-curvature relationship of the exterior and interior wythe are then summed to form 
the non-composite moment-curvature relationship, MNC-φ. 
Once the moment-curvature relationships are determined for the composite section and the 
non-composite section, curvature over the length of each panel can be computed by A) 
Applying an incremental load, wi, B) Computing the moment distribution by applying the 
boundary conditions for each incremental load, and C) Utilizing the moment-curvature 
relationship to determine curvature over the length as shown in Figure 45. D) Load-
deflection points for the composite and non-composite panels are computed by virtual 
work or another method for each load increment, wi, while full load-deflection responses 
are computed through iteration, step E1. 
 
Figure 45: Response estimation for partially-composite panels 
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To compute the load-deflection response of a partially-composite panel, MPC-ΔPC, the 
procedure for the non-composite panel is followed up to step D in Figure 45. Once MNC-φ 
is known, rotations are computed at each tie location for each φi(x) as shown in step E2 in 
Figure 45. At each tie location, the relative tie deformation is computed in step F2 and 
converted to an equivalent force using the tie constitutive properties (step G2). The force 
contribution from the shear ties at each φi is added as an additional panel moment to the 
non-composite moment at each ΔNC,i by multiplying the summation of the shear tie forces 
by the distance between the interior and exterior wythe neutral axis, e, as shown in step H2 
and I2. The total MPC must be less than MC as it is not possible to exceed the composite 
moment capacity. The process is iterated in step J2 until the complete MPC-ΔPC is computed. 
Validation of Analytical Approach 
The proposed analytical method is validated against four different experimental panel 
averages, PtEL, PtEG, RtEG, and RtXC. The panels were selected to check the robustness 
of the model for different shear ties including distributed and discrete ties, as well as 
prestressed and non-prestressed reinforcing. Figure 46 (a), (b), (c) and (d) plot the average 
experimental results of panels PtEL, PtEG, RtEG, and RtXC, respectively against the 
partially-composite analytical model titled “estimated response”. Expected composite and 
non-composite panel behaviors computed using the aforementioned procedure act as 
bounds and are shown in each plot. The computed end-slip is plotted against the 
experimental end-slip of each panel on the secondary ordinate. In general, the analytical 
model conservatively predicts the response of each panel. 
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Figure 46: Analytical model validation (a) PtEL, (b) PtEG, (c) RtEG, (d) RtXC 
Influence of Ties on Insulated Panel Response 
A parametric study is conducted to assess the effect of shear tie constitutive property on 
overall panel performance. A panel measuring 813 mm wide, 3.66 m long panel with 76.2 
mm thick wythes and 50.8 mm of insulated was reinforced with two #16 deformed bars in 
each wythe. The wythes were connected with two rows of eight shear ties spaced at 406 
mm. The stiffness, strength, and ductility was varied for the shear tie system as shown in 
Figure 47. Six different hypothetical ties were considered: 1) Linear-elastic tie, 2) Elastic-
plastic tie with the same stiffness as the linear-elastic tie, 3) Elastic-brittle tie with the same 
stiffness as the linear-elastic tie and fails at the yield point of the elastic-plastic tie, 4) 
Elastic-softening tie with the same properties as the elastic-plastic tie with a post yield 
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softening branch, 5) 8x as stiff tie with the same properties as the elastic-softening tie but 
with eight times the initial stiffness, 6) ½ as stiff tie with the same properties as the elastic-
softening tie but with half the initial stiffness. All six panels were identical other than the 
shear tie system. 
 
Figure 47: Parametric study tie parameters 
The moment-rotation response and force in each shear tie at 1.5° of support rotation are 
provided in Figure 48 (a) and (b) respectively. The parametric study reveals the 
dependence of the overall panel response to the tie-behavior. Additionally, the parametric 
study results agreed with the results observed in experimental tests: 1) A stronger tie 
provides a higher moment-capacity, 2) A tie with larger deformation capacity increases the 
panel deformation capacity, 3) A brittle tie initially increases the panel capacity but the 
panel strength degrades to that of the non-composite behavior as the ties fail, 4) A stiffer tie 
increases the initial stiffness of the panel, 5) A less stiff tie decreases the initial stiffness of 
the panel.  
Additionally, tie force is shown to vary along the span length. The distribution of tie forces 
along the half-span is illustrated for all cases at a panel rotation of 1.5▫ in Figure 48b. Ties 
located at different locations along the length of the panel contribute different amounts to 
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the overall resistance. At a given demand level some ties in the panel may have fractured, 
some may be at yield, while others are still elastic and not contributing their full capacity. 
  
Figure 48: (a) Moment-rotation behavior, (b) Force in each shear tie along span length 
4.4.8. Insulated Panel Performance Conclusion 
A total of 51 insulated and solid panels were tested under a uniform load increasing 
monotonically. Various insulation types, insulation thicknesses, shear tie systems, and shear 
tie layouts were utilized. The results are used to develop an analytical approach for 
determining the response of insulated concrete panels subjected to flexure.  Several 
conclusions were drawn from the experimental tests and modeling: 
 As illustrated through experimental tests on solid panels and analytical modeling, 
prestressed panels have less deformation capacity than non-prestressed panels due 
to smaller ultimate material strains; however, prestressed panels have a stiffer 
initial response compared to non-prestressed panels due to the initial jacking force 
of the prestressed delaying the onset of cracking. The improvements in ductility 
are diminished for insulated panels with low levels of composite action. 
 All insulated panels tested have measurable end-slip despite the fact that some of 
the panels achieve a fully composite behavior, indicating that the assumption of 
composite behavior is incorrect. 
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 The PCI design approach is based on force equilibrium alone and does not 
consider the constitutive properties of the connector or compatibility between the 
wythes. This methodology may be acceptable for handling and service loads, but 
for panels loaded to their nominal strength a deformation based approach is 
necessary.  Additionally, the PCI approach may lead to an unconservative design, 
particularly if brittle shear ties are utilized. 
 For the panels examined, the PCI design approach generally provides a 
conservative estimate of percent composite action. The design composite level was 
typically lower than the actual composite level achieved.  
 As illustrated through experimental testing and parametric studies, the global 
performance of an insulated panel is dependent on the constitutive properties of the 
shear connector: stiffness, strength, and deformation capacity, as well as tie 
placement within the panel. 
 An analytical approach is developed which accounts for equilibrium, 
compatibility, and the constitutive properties of the ties. The approach provides an 
accurate method for determining the moment-deflection of partially-composite 
panels. 
4.5. Shear Tie Development 
From the conclusions of the Insulated Panel Performance section, the shear tie constitutive 
properties play a large role in controlling the overall behavior of the panel.  In order to 
improve the response of an insulated wall panel while at the same time making the panel 
more economical to fabricate, a new shear tie system was developed.  The following 
section outlines the procedure for designing the new shear connector. 
84 
4.5.1. Shear Tie Background 
Insulated reinforced concrete wall panels have become an increasingly popular cladding 
system since their conception.  Precast insulated wall panels provide the same benefits as 
their counterpart solid wall panels including structural strength, efficient erection, and 
economic fabrication; however, insulated panels provide the additional benefit of increased 
sustainability due to the enhanced thermal resistance provided by the insulating layer.  To 
match the structural strength of a solid wall panel, insulated wall panels often contain a 
series of discrete or distributed shear connectors which pass through the insulating layer, 
directly connecting the interior and exterior wythes allowing the wythes to resist applied 
demands conjunctly.   
The shear connectors must be designed such that the capacity is greater than the expected 
factored service loads or the overall wall panel stiffness/strength will be reduced to a 
partially composite level.  Additionally, shear ties must utilize thermally resistive material 
to negate the costly effect of thermal bridging.  Many popular contemporary shear tie 
systems are fabricated from glass fiber reinforced polymer (GFRP) which often has a lower 
thermal conductivity than the wall insulating material, typically extruded or expanded 
polystyrene, thus preventing thermal bridging.   
Although insulated panels are designed utilizing shear ties to meet a prescribed demand 
and thermal resistance, they often suffer from quality control problems during fabrication.  
For shear ties to reach the capacity for which they are designed, they must be placed at 
specific locations and with defined embedment otherwise the capacity of the ties may be 
controlled by the strength of the concrete, due to pull-out or pry-out failure mechanisms, 
rather than the strength of the tie.  Additionally, in poorly executed installations concrete 
may bleed past the shear tie creating a large thermal bridge reducing the overall panel 
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thermal resistance.  To ensure proper installation, extra effort must be taken by the 
fabricator during shear tie placement translating to a longer production time and additional 
expense.   
Finally, shear ties currently available are designed to withstand conventional life cycle 
loads such as lifting during construction and wind loads during service; however, no shear 
ties exist which account for extreme events such as a blast load.  Most government 
facilities mandate both energy and security requirements.  An ideal solution to both 
requirements is a precast insulated wall panel with shear ties designed for high explosive 
detonations.  In blast design, the primary mode of energy dissipation is panel deformation.  
By designing a shear tie with a large amount of ductility, the wall panel can displace more 
energy generated during a detonation before failing reducing the risk to inhabiting 
occupants.  
4.5.2. Shear Tie Goal Goal 
The goal of this part of the research is to design, fabricate and test a prototype shear 
connector capable of achieving nearly full-composite action under factored service loads.  
The shear tie will be constructed from a thermally resistant material and will prevent 
concrete from bleeding past the connector to diminish any effect from thermal bridging.  
Additionally, installation of the tie system will be simple to decrease labor time required 
for panel fabrication and reduce overall cost without comprising the integrity of the 
connector.  Finally, the tie will be designed to improve the insulated panel response to a 
blast demand by inducing a ductile response with sustained resistance under large 
deformations. 
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4.5.3. Material 
Ties will be cut from a sheet of GFRP, namely G10 Garolite.  Carbon fiber was initially 
considered for the tie material; however, the cost to produce each tie greatly exceeded the 
cost savings rendering the tie as unmarketable.  GFRP is currently a popular material for 
the fabrication of shear ties due to the high strength, excellent insulating properties, ease of 
fabrication, and economic production.  Furthermore, GFRP has a similar thermal expansion 
coefficient and Poisson ratio to concrete mitigating additional stresses from temperature 
changes and in directions other than the loading surface.  Table 11 provides ranges of 
pertinent G10 Garolite properties while the typical Poisson’s ratio is 0.12 (Steinberg 2000). 
Table 11: G10 Garolite mechanical properties (McMaster-Carr 2013) 
Nominal Density (lbf/cu.in.) 0.069 
Tensile Strength (psi) 32,000-40,000 
Compressive Strength (psi) 35,000-68,000 
Flexural Strength (psi) 45,000-55,000 
4.5.4. Calculations 
For initial sizing, a generic prestressed insulated wall panel section is assumed.  The panel 
consists of a 2 in. (50.8mm) layer of insulation sandwiched between 3 in. (76.2mm) thick 
exterior and interior concrete wythes as shown in Figure 49.  A single 3/8 in. (9.53mm) 
270kip (1201kN) low relaxation prestress strand is located at the center of each wythe and 
is initially jacked to 60% of ultimate stress.  Concrete strength was assumed to be 7000psi 
(48.26MPa) at 28 days.  The width of the panel was determined to be 21.5 in. (546mm) 
such that the average compressive force in the concrete was equal to 225psi (1551kPa), 
meeting ACI 318-11 18.11.2 requirements to minimize transverse reinforcement (ACI 
2011).  The panel was taken as simply supported with a span length of 20.5ft (6.25m).  
Once the geometry of the panel is known, the nominal moment capacity of the section is 
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determined via strain compatibility. 
 
Figure 49: Panel cross section 
4.5.5. Tie Demands 
The following sections list the demands expected on a shear tie in an insulated panel. 
Direct Tension Demand 
The tension demand is determined by calculating the weight the exterior panel wythe.  
During fabrication, lifts are casted into interior wythe of the panel.  Once the concrete has 
cured, the panel is lifted at the installed lift points thus creating a demand on the shear ties 
equal to the weight of the exterior panel wythe, wdem, as shown in Equation 21.  An 
additional 10% is added to the panel weight to account for suction between the concrete 
and the formwork.  Normal weight concrete was assumed at 150pcf (23.5kN).   
𝑤𝑑𝑒𝑚 = 1.1𝑏𝑡𝑤𝑦𝑡ℎ𝑒𝛾𝑐𝐿 Equation 21 
where b is the width of the panel, twythe is the thickness of the exterior wythe, L is the panel 
span length and γc is the unit weight of concrete 
Horizontal Shear Demand 
Horizontal shear demand, vdem, is calculated by taking the maximum of two different 
methods: 1) Mechanics of materials approach, 2) PCI Approach.  The mechanics of 
materials approach first calculates the vertical shear in the panel by assuming a distributed 
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loading case where the distributed load, w, is the load required to reach the nominal 
moment capacity.  The maximum shear, vmax, is then found with Equation 22 while the 
average shear, vavg, is calculated with Equation 23.  Horizontal shear force is then 
determined by calculating the shear flow, q, as shown in Equation 24 and multiplying by 
half the span length. 
𝑣𝑚𝑎𝑥 = 𝑤 ∗
𝐿
2⁄  Equation 22 
where w is the distributed load 
𝑣𝑎𝑣𝑔 = [
1
2⁄ (
𝐿
2
)𝑣𝑚𝑎𝑥] ∗
2
𝐿
 Equation 23 
where w is the distributed load and L is the span length of the panel 
𝑞 =
𝑣𝑎𝑣𝑔𝑄
𝐼
 Equation 24 
where Q is the first moment of area and I is the gross moment of inertia for the uncracked 
composite section 
The PCI approach takes the minimum of the ultimate force in the strand at fracture, T, as 
shown in  Equation 25, and the compression force from the entire exterior wythe, C, as 
shown in Equation 26.  The horizontal shear demand for the panel, vdem, is then taken as the 
maximum between the mechanics of materials approach and the PCI approach. 
𝑇 = 𝐴𝑝𝑠𝑓𝑝𝑢 Equation 25 (PCI 2011) 
where Aps is the area of the strand in the interior wythe and fpu is the ultimate stress in the 
strand 
𝐶 = 0.85𝑓′𝑐𝑏𝑡𝑤𝑦𝑡ℎ𝑒 Equation 26 (PCI 2011) 
where f’c is compressive strength of the concrete 
Tie Flexure Demand 
The moment demand, Mdem, was calculated by summing moments about one end of the 
shear tie as shown in Figure 50.  The shear tie was assumed to have fixed-fixed boundary 
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conditions (Woltman, Tomlinson, Fam 2013).  The result is provided in Equation 27, 
utilizing the horizontal shear demand calculated previously. 
 
Figure 50: Calculating moment demand 
𝑀𝑑𝑒𝑚 = 𝑣𝑑𝑒𝑚
𝑡𝑖𝑛𝑠
2
 Equation 27 
where tins is the insulation thickness 
Rigid Body Rotation 
Finally, the vertical force, Fvert, developed in each leg of the tie due to rigid body rotation 
can be approximated by assuming the magnitude of the vertical force in each leg is equal.  
The force can be solved for by applying equilibrium and utilizing the horizontal shear 
demand solved for previously.  As shown in Figure 51 and Equation 28, the force is a 
function of the number of legs, leg spacing, and insulation thickness. 
vdem
Mdem
vdem Mdem
t ins
M=2*M   - v  * t  = 0
dem dem ins
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Figure 51: Fictional shear tie with rigid body rotation forces 
0 = 𝑣𝑑𝑒𝑚𝑡𝑖𝑛𝑠 − ∑ [2 ∗ 𝐹𝑣𝑒𝑟𝑡 {(
1
2
+ 𝑖) (𝑠 + 𝑡𝑤)}]
(
𝑛𝑢𝑚𝑙𝑒𝑔𝑠
2⁄ )−1
𝑖=0
 
Equation 28 
where Lo is the length of the shear tie, numlegs is the number of shear tie legs, s is the 
spacing between each leg, tw is the width of each leg and i is a vector from (0, 1, 2,…, 
(numlegs/2)-1) if the number of legs is even or (0, 0.5, 1.5,…, (numlegs/2)-1) if the number of 
legs is odd 
4.5.6. Tie Capacity 
The tie must be sized in order to have the capacity to meet the demands previously 
described.  Variables that affect the strength of the tie include the number of tie legs 
(numlegs), the width of each leg (tw), the thickness of the tie (tt), the spacing between each 
leg (s), the total tie length (Lo), and the number of ties to be used in the panel (numties).  The 
following sections detail the sizing of the tie for tensile capacity, pull-out strength, pry-out 
strength, and plastic moment capacity. 
Direct Tension Capacity 
The tensile capacity is controlled by the weight of the exterior wythe, wdem, and the tensile 
strength of the material.  Equation 29 below provides the area required for each leg, AreqF, 
based on the tensile demand. 
t
s
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w
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𝐴𝑟𝑒𝑞𝐹 =
𝑤𝑑𝑒𝑚
(𝑓𝑦𝑛𝑢𝑚𝑙𝑒𝑔𝑠𝑛𝑢𝑚𝑡𝑖𝑒𝑠)
⁄  Equation 29 
where fy is the tensile strength of the material 
Concrete Pull-out Strength 
The pull-out strength of the tie from the concrete is based on ACI 318-11 requirements for 
anchorage, section D.5.2.1.  The projected concrete failure area, ANC, of a group of anchors 
is approximated as the base of the rectilinear geometrical figure that results from projecting 
the failure surface outward 1.5hef, where hef is the effective embedment depth of the anchor, 
from a line through a row of adjacent anchors as shown in Figure 52 (ACI 2011).  Equation 
30 provides the projected concrete failure area of a single anchor with an edge distance 
equal or greater to 1.5hef. 
 
Figure 52: Projected concrete failure area of a group of anchors (ACI 2011) 
𝐴𝑁𝐶𝑜 = (2 ∗ 1.5ℎ𝑒𝑓) ∗ (2 ∗ 1.5ℎ𝑒𝑓) = 9ℎ𝑒𝑓
2  Equation 30 (ACI 2011) 
where hef is the effective embedment depth of the anchor  
The basic concrete breakout strength of a single anchor, Nb, is given by Equation 31 while 
the pull-out strength of a group of anchors, Ncbg, is given by Equation 32.  The shear ties in 
this research project are approximated as cast-in-place anchors without any eccentricity 
with a distance greater than 1.5hef from any edge.  The pull-out force, calculated by the 
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product of the pull-out strength, Ncbg, the area of each tie (the summation of each leg cross 
sectional area) and the total number of ties must be greater than the tensile demand i.e. the 
weight of the exterior wythe, wdem. 
𝑁𝑏 = 𝑘𝑐𝜆𝑎√𝑓′𝑐ℎ𝑒𝑓
1.5 Equation 31 (ACI 2011) 
where kc is a constant equal to 24 for cast-in-place anchors, λa is equal to 1.0 for normal 
weight concrete, and f’c is the compressive strength of concrete in psi 
𝑁𝑐𝑏𝑔 =
𝐴𝑁𝑐
𝐴𝑁𝑐𝑜
𝜓𝑒𝑐,𝑁𝜓𝑒𝑑,𝑁𝜓𝑐,𝑁𝜓𝑐𝑝,𝑁𝑁𝑏 Equation 32 (ACI 2011) 
where ψec,N is a modification factor for eccentrically loaded anchors taken as 1.0, ψed,N is a 
modification factor for edge effects taken as 1.0, ψc,N is a modification factor for anchors 
located in regions where analysis indicates no cracking at service load levels taken as 1.25 
for cast-in-place anchors, ψcp,N is a modification factor that only applies to post-installed 
anchors (taken as 1.0 for cast-in-place anchors) 
Concrete Pry-out Strength 
The pry-out strength is calculated from ACI 318-11 section D.6.3.1, which is the product of 
the pull-out strength, Ncbg, and kcp where kcp is a modification factor equal to 1.0 for 
effective embedment depths less than 2.5 in. or 2.0 for embedment depths greater than or 
equal to 2.5 in.  The force required for pry-out is calculated as the product of the pry-out 
strength, the area of each tie (the summation of the cross sectional area of each leg) and the 
number of ties.  Pry-out force must be greater than the shear demand, vdem. 
Tie Moment Capacity 
The moment capacity is determined by the standard plastic section analysis typically 
performed for steel sections.  To be conservative, the capacity is calculated up to yield of 
the material as shown in Figure 53.  Stress-strain behavior of the material may be adjusted 
once material tests are performed.  The moment capacity provided in Equation 33 must be 
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greater than the moment demand, Mdem. 
 
Figure 53: Stress distribution for moment capacity calculation 
𝑀𝑝 = [
1
2
𝑓𝑢 (
𝑡𝑤
2
) (2 3⁄
𝑡𝑤
2
)] 2𝑡𝑡 Equation 33 
where tw is the width of each leg, tt is the thickness of the tie, and fu is the flexural strength 
of the tie 
Resin Matrix Shear Capacity 
Finally, assuming the tie is fabricated such that the fibers are running in one direction, the 
strength of the vinyl-ester resin in shear may control the capacity of the tie.  A basic 
mechanics of materials approach approximates the area required based on the strength of 
the resin in shear, AreqR (Woltman, Tomlinson, Fam 2013) shown in Equation 34. 
𝐴𝑟𝑒𝑞𝑅 =
𝑘𝑣𝑑𝑒𝑚
𝑓𝑢𝑟
 Equation 34 (Woltman, Tolinson, Fam 2013) 
where vdem is the horizontal shear demand, fur is the strength of the resin, and k is the shear 
factor taken as 1.5 for a rectangular cross section 
4.5.7. Additional Design Considerations 
Hard design constraints require that the shear tie thickness, leg width, number of legs, leg 
spacing, and leg depth are selected such that the capacity satisfies the demand.  The 
calculations presented in the previous section were performed on the aforementioned panel 
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size to determine the shear tie size.  Additional soft design constraints were considered 
including the practicality of fabrication, ease of installation in the wall panel, and efficient 
use of material for economic savings.   
The end treatment of each leg of the shear tie was selected based on a series of 
experimental parametric studies.  Four different end treatments were tested for straight 
connectors: pointed ends, notched ends, ties with lock washers, and threaded ties with 
special nuts (Woltman, Tomlinson, Fam 2013).  None of the ties failed due to pull-out from 
the concrete, indicating that all the end treatments were sufficient despite the relatively 
short embedment depth of 2.0 in. (51mm).  A pointed end was selected for the shear tie 
design due to the ease of fabrication.  Furthermore, a shear tie with a pointed end facilitates 
installation by allowing the fabricator to perforate the insulation simply by apply pressure 
to the connector.  Finally, by penetrating the insulation directly with the shear tie rather 
than precutting a hole to fit the connector further reduces cost and minimizes the 
probability of thermal bridging due to concrete bleeding along the tie.  To be conservative, 
the embedment depth was selected by comparing the pull-out capacity to the tension 
demand. 
The cross sectional shape, rectangular versus circular, did not have a significant effect on 
the strength or stiffness of the shear tie (Woltman, Tomlinson, Fam 2013).  A rectangular 
shape was chosen for the connector design, allowing the shear tie to be cut from a sheet of 
GFRP.  The thickness of the GFRP sheet, the width and spacing of each leg was 
determined by comparing various capacities to limit states. 
In addition to performing capacity calculations to determine the spacing of each shear tie 
leg, the spacing and overall length of the shear tie was checked against the human hand 
ensuring that the fabricator can comfortably install shear ties in a rapid and repeatable 
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manner.  The overall shape of the shear tie was selected for optimal ergonomics.  Finally, 
the dimensions of the shear tie were also selected to allow for the most efficient use of the 
GFRP material.  The shear tie with primary dimensions and manufacturing layout is shown 
in Figure 54.  Calculations determined that a total of 6 shear ties would be required for a 
20.5ft (6.25m) panel, 3 at each end as shown in Figure 55. 
 
Figure 54: Initial shear tie dimensions and layout 
 
Figure 55: Shear tie layout in panel 
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Finally, the use of uni-directional fibers in resin will allow the tie to form a ductile 
mechanism suitable for large deformations.  During failure, cracks begin to form in the 
resin gradually allowing the fibers to delaminate from the matrix (Woltman, Tomlinson, 
Fam 2013).  Failure of the ductile resin matrix as opposed to the brittle fiber allows the tie 
to reach larger deformations, increasing the maximum obtainable global deflection of the 
panel. 
4.5.8. Tie Redesign 
To improve economy the tie was redesigned in order to fabricate more ties per single sheet 
of G10 Garolite.  The redesign included decreasing the overall width of the tie by reducing 
the number of legs and increasing each leg size.  The tie capacity was checked against the 
tie demands by the aforementioned procedure.  Figure 56 depicts the tie redesign with 
dimensions.  The same manufacturing layout as shown in Figure 54 was applied to reduce 
material waste and to leave space to fabricate material coupons. 
 
Figure 56: Tie redesign 
4.5.9. Material Tests 
Three concrete cylinders were prepared according to ASTM C31/C31M-12 (ASTM 
C31/C31M-12 2012) and tested according to ASTM C39 (ASTM 2005).  Metal caps were 
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used during testing in accordance with ASTM C617/C617M-12 (ASTM C617/C617M-12 
2012).  The three cylinders had an average compressive strength of 6400psi with a standard 
deviation of 150psi and a variance of 2.3%.  The elastic modulus of the concrete was 
empirically calculated by assuming normal weight concrete, wc of 150pcf, and using 
equation 8.5.1 in ACI 318-11 provided as Equation 35 for convenience. 
𝐸𝑐 = 𝑤𝑐
1.533√𝑓′𝑐 Equation 35 (ACI 2011) 
In addition to design values provided by the manufacturer (McMaster-Carr 2013), material 
tests were performed to assess the material strength of the G10 Garolite.  Tensile coupons 
were fabricated and tested according to ASTM D638-10 (ASTM 2010) in an Instron 5567 
electromechanical load frame.  Video was recorded of each test in order to perform digital 
image correlation.  Digital image correlation allowed the strain to be computed at each 
frame without physically applying gauges.  Frames automatically began recording as the 
load frame commenced.  Figure 57 shows a typical speckle pattern applied to one of the 
tensile coupons as well as a screen capture of the digital image correlation software. 
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Figure 57: Typical speckle pattern and digital image correlation 
The digital image correlation software tracks the movement of an indicator, such as a black 
dot on a white surface, with the progression of each frame.  The movement of the indicator 
relative to the original frame is reported for each frame in pixels.  A second indicator with 
the precise distance known, in pixels, to the first indicator and the process is repeated.  
Engineering strain is calculated by taking the quotient of the difference between the first 
and second indicators and the original distance between the first and second indicators.  
The stress is calculated by taking the quotient of the load reported by the Instron frame and 
the cross section of the tensile coupon.  The cross section of the tensile coupon was 
measured with a digital caliper with a precision of 0.005in at three different locations along 
the neck and averaged.  Figure 58 provides the stress-strain results for the two tensile tests 
performed on the G10 Garolite. 
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Figure 58: G10 Garolite tensile test results 
An average stress-strain curve was produced from the two stress-strain results by averaging 
the stress levels at each strain increment.  As shown in Figure 58, the Garolite performs in 
a nearly elastic-brittle manner.  A linear trend line was fitted to average curve with an R2 of 
0.987 to be used in modeling. 
As shown in Figure 51, as the insulated panel is subjected to an out-of-plane load the 
interior and exterior wythes begin to slip relative to one another.  The relative slip results in 
a horizontal shear demand applied to the shear ties connecting the wythes.  In order to 
assess the material strength of the G10 Garolite in shear, shear coupons were devised as 
shown in Figure 59.  To maintain a direct comparison the coupons were designed such that 
the shear portion had the same length and width as the fingers on each tie.  The rest of the 
tie was made significantly thicker to attempt to force failure in shear rather than tension or 
bending. 
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Figure 59: G10 Garolite shear coupon 
After testing the first shear coupon it was noted that failure occurred by a crack forming as 
shown in Figure 60.  The crack formed at the slit where the shear leg connects to the rest of 
the shear coupon due to prying action.  To prevent the crack from forming, stress relieving 
holes were drilled at the tip of each slit as shown in Figure 59; however, the same failure 
mechanism occurred.   
 
Figure 60: Shear coupon failure 
The load-displacement for the two shear coupons tested is shown in Figure 61.  Digital 
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image correlation was performed to determine the total tie displacement rather than using 
head travel where slip occurring in the grips cannot be distinguished from actual tie 
displacement.  Pixels were converted to inches by measuring the neck width of the shear 
coupon prior to testing and then calculating the width of the neck in pixels.  The same 
procedure applied to the tensile coupons for averaging curves was applied to the shear 
coupons. 
 
Figure 61: Shear coupon load-displacement 
4.5.10. Finite Element Analysis 
Finite element models were created for both the original design and the redesign using the 
multi-purpose finite element software Abaqus.  Drawings of the shear tie were uploaded 
directly from AutoCAD.  Ties were embedded in three inch thick concrete wythes on each 
side to replicate actual conditions as shown in Figure 62.  The bottom concrete wythe was 
fixed from translating or rotation while a displacement was applied to the top concrete 
wythe.  An embedded interaction (Dassault Systemes 2010) was selected between each 
host instance (concrete wythe) and the embedded instance (shear tie). 
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Figure 62: Finite element shear tie embedded in concrete wythes with boundary and 
loading conditions 
The concrete wythes and shear tie were meshed with 6-noded quadratic plane stress 
triangles in order to capture flexure of each tie leg.  To simplify modeling, both the 
concrete and tie material were treated as elastic using the aforementioned material 
properties.  Additionally, G10 Garolite is an anisotropic material; however, the tensile 
properties were only determined in one direction.  The finite element model was created to 
qualitatively determine any areas of high stress concentration and assess if changes in the 
design are necessary.  Figure 63 depicts Von Mises stress contours for both the original tie 
and the redesigned tie. 
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Figure 63: Von Mises stress contours of the original tie and the redesigned tie 
Figure 64 provides a close-in view of the Von Mises stress contour for the redesigned tie 
legs.  High stress concentrations were noted at the interface of the concrete and tie.  No 
additional redesign was performed, but it was concluded that this would be the location for 
incipient failure. 
 
Figure 64: Close-in of Von Mises stress contour of redesigned tie legs 
4.5.11. Tie Fabrication 
Eighteen shear ties were cut from a two feet by three feet sheet of quarter inch thick G10 
Garolite purchased from McMaster-Carr.  Cuts were made by a waterjet with a precision of 
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.001in.  No information was provided by the manufacturer to indicate the fiber orientation 
of the laminate.  Figure 65 shows a single shear tie after cutting. 
 
Figure 65: Final shear tie 
Four double shear test specimen (Naito et al. 2012) were fabricated with four ties in each 
specimen.  Welded wire was placed in each wythe to secure the concrete during handling 
and loading.  Threaded bar with a washer at the end was attached to a coupling nut and 
embedded at the top of the specimen to allow for easy lifting with eyebolts.  Holes were 
precut into the two inch thick extruded polystyrene (XPS) via a hot knife.  Shear ties were 
then inserted through the precut holes and pushed to the prescribed depth.  Figure 66 
depicts the fabrication of the test specimen 
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Test specimen with welded wire 
 
Embedded threaded rod for lifting 
 
Shear tie placed through XPS 
 
Setting tie at prescribed depth 
 
Figure 66: Fabrication of test specimen 
4.5.12. Specimen Test Setup 
Ties were tested via a double shear test specimen (Naito et al. 2012) shown in Figure 67.  
Unlike Naito et al., each test specimen was comprised of four ties rather than two to 
prevent separation from occurring between the insulation layers and the exterior wythes.  
The two exterior wythes and insulation layers were three and two inches thick respectively 
to simulate a typical 3-2-3 wall panel.  The interior concrete wythe was six inches thick as 
ties were embedded on each face.  All layers were 34 inches long and 10 inches wide.  The 
ties were spaced to meet ACI 318-11 requirements for embedded anchors.  An alternative 
method for testing ties specified in ASTM E488 Strength of Anchors in Concrete and 
Masonry Elements (ASTM 2003) was not used, as the aforementioned method provides 
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similar demands on shear ties in actual insulated concrete panels.   
 
Figure 67: Double shear test setup (Naito et al. 2012) 
The test specimen was placed in the universal testing machine standing upright supported 
by the two exterior concrete layers.  The interior concrete wythe was offset from the base 
of the exterior concrete wythes by 3.5 inches.  Ties are then tested by pushing down on the 
center concrete wythe, thus distributing the compressive force from the interior wythe to 
the exterior wythes via horizontal shear force.  String potentiometers were attached to both 
sides of the center concrete wythe with an epoxied bolt and connected to the base of the 
universal testing machine with a hook magnet.  Potentiometer readings were averaged to 
obtain the total deflection.  String potentiometers were used rather than the universal 
testing head travel due to slipping of the loading head.  Force was recorded by the load cell 
inside the universal testing machine.  Figure 68 depicts the test specimen in the universal 
testing machine and the string potentiometers used to record displacement.  The specimen 
was made longer than the tests conducted by (Naito et al. 2012) to prevent pryout from 
occurring at the ends of the specimen. 
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Figure 68: New double shear test setup and string potentiometer 
4.5.13. Tie Performance 
The four double shear test specimen were loaded monotonically to failure.  Figure 69 plots 
the load-deflection response of each test specimen as well as the test specimen average.  
The average curve was computed by the same procedure used to develop the average 
tensile test curve.  The average performance of each individual shear tie is computed by 
dividing the average double shear test load-displacement curve by the number of shear ties 
the double shear specimen. 
  
Figure 69: Double shear test and single shear tie performance 
A post-failure examination was performed by removing the foam insulation and viewing 
the exposed shear tie legs.  As shown in Figure 70, each of the tie legs failed at the 
interface between the tie and the concrete.  This failure location was expected from the 
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high stress concentrations show in the finite element model in Figure 64. 
  
Figure 70: Post-failure examination of exposed shear tie legs 
The shear tie is compared to other shear connector systems currently available on the 
market.  Figure 71 plots the performance of the shear tie system, dubbed as the “finger tie” 
due to the design, against other discrete tie systems.  As seen in Figure 71, the finger tie 
lacks the deformation capacity of other discrete ties but is stronger.  The small deformation 
capacity is attributed to the brittle nature of the G10 Garolite material.  Additionally, post 
failure examination revealed that the tie legs were cut perpendicular to the fibers in the 
laminate, as shown in Figure 72.  Thus the fibers were oriented in a direction causing the 
tie to act in a more brittle manner.  
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Figure 71: Finger tie comparison to other shear tie systems 
 
Figure 72: Post failure analysis of fiber orientation 
4.5.14. Tie Development Conclusion 
A shear tie utilizing G10 Garolite was designed based on the nominal moment capacity of a 
standard insulated panel with a single 3/8 in. (9.53mm) 270kip (1201kN) low relaxation 
prestress strand in each wythe.  The following design criteria were met: 
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 Minimized thermal bridging by fabricating the tie from thermally resistive GFRP 
material and utilizing a direct installation method rather than precutting holes to fit 
the tie 
 Maximized panel resistance by designing the tie to meet the nominal moment 
capacity of the insulated panel 
 Decreased cost and installation time by requiring placement of less ties 
Based on tests from the initial prototype, several refinements can be implemented to 
improve the design of the finger tie: 
 The finger tie leg size should be decreased while the number of legs should be 
increased.  This would allow for easier installation for panels with thicker 
insulating foams.   
 If the space between each leg is decreased, fingers will no longer be able to fit 
between each leg.  Holes for fingers should be cut to allow for comfort which will 
increase the installation speed.  The hole size and spacing should be based on 
ergonomics while a new FEA should be performed to assess the integrity of the tie 
with holes incorporated. 
 Garolite is thermally resistive and inexpensive, an ideal material for a shear tie; 
however, the tie was fabricated from Garolite sheet in such a way that the fiber 
orientation decreased the deformation capacity of the tie.  Either a different 
inexpensive, uni-directional pultruded material should be used, or the fiber 
direction should be specified in the Garolite in order to increase the ultimate 
deformation capacity. 
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4.6. Flexural Mechanism in Insulated Panels 
In an attempt to further improve the flexural response of an insulated wall panel, flexural 
mechanisms developed for solid panels provided in Flexural Mechanism Development 
were tested in insulated panels.  The dogbone flexural mechanism was not tested due to 
fabrication difficulties.  Further research would be necessary to implement the dogbone 
method in a larger panel in such a way that construction is feasible, cost is minimally 
increased, and that the thermal resistance of the panel is not diminished.  Thus, to improve 
the ductility of reinforced concrete wall panels and insulated panels, local unbonding is 
applied to the longitudinal reinforcement at center span.   
4.6.1. Test Matrix 
A total of 35 panels were tested with 12 different panel types.  Panels varied in 
reinforcement, shear tie type, and unbonding.  A cross section and plan view of the panels 
is provided in Figure 73.  Reinforcement is centered in both wythes.  Reinforcement is 
located at the same depth for solid panels and insulated panels. 
 
Figure 73: Panel cross section and plan view 
Table 12 provides a test matrix giving the panel ID, reinforcement type, shear tie type, 
whether the specimen was unbonded, and the number of specimen tested.  The first letter 
of the panel ID represents the reinforcement type with “R” for non-prestressed or “P” for 
prestressed.  The second letter of the panel ID represents the tie type with “N” for Nu-Tie, 
6.2
#16 bar9.53mm strand
0
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50.8
914
C-Grid, 1.5 strand/quarter
Panel Panel
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PXB
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All unlisted dimensions are mm
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1118
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“G” for C-Grid®, “X” for Thermomass® X-Series, or “S” for a solid panel with no shear 
ties.  The final letter of the panel ID represents unbonding with “B” signifying the 
reinforcement was completely bonded and “U” signifying the panel was locally unbonded. 
Table 12: Test matrix 
Panel ID Reinforcement Shear Tie Unbonded Samples 
RSB Non-prestressed Solid No 3 
RSU Non-prestressed Solid Yes 3 
PSB Prestressed Solid No 3 
PSU Prestressed Solid Yes 3 
PNB Prestressed Nu-Tie No 3 
PNU Prestressed Nu-Tie Yes 3 
PGB Prestressed C-Grid No 3 
PGU Prestressed C-Grid Yes 3 
PXB Prestressed X-Series No 3 
PXU Prestressed X-Series Yes 3 
RXB Non-prestressed X-Series No 3 
RXU Non-prestressed X-Series Yes 2 
All unbonded panels were locally unbonded 508mm at center span with Teflon tubing or 
prestressing sheathing.  The ends of the unbonding were taped closed to prevent grout from 
entering.  Figure 74 shows a panel with local unbonding on all four longitudinal bars and a 
close-up of the unbonding tubing.  Panels were simply supported with a clear span of 3.05 
m and a total length of 3.66 m.  Uniform load was applied via the water bladder described 
previously.  String potentiometers were attached at mid-span and at the ends of each panel 
to record center span displacement and relative end slips.  Panel displacement was 
converted to support rotation via the method described previously. 
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Figure 74: Local unbonding of reinforcement 
4.6.2. Results 
All panels were loaded to failure, to maximum stroke, or until the ends of the panel began 
to bear against the loading table.  Results for each panel are tabulated in Table 13.  The 
end-slip, δ, and support rotation, θ, are provided at maximum moment, Mmax. 
Table 13: Tabulated panel results 
Panel ID 
δ @ Mmax θ @ Mmax Mmax 
[mm] [deg] [kN-m] 
RSB - 5.5 44.9 
RSU - 10.0 42.0 
PSB - 2.2 39.0 
PSU - 1.9 38.4 
PNB 2.4 1.2 35.1 
PNU 4.3 2.0 35.2 
PGB 3.0 1.7 38.5 
PGU 3.4 1.3 32.0 
PXB 8.3 3.4 36.3 
PXU 11.6 4.0 37.4 
RXB 3.9 2.3 33.7 
RXU 5.6 2.9 33.7 
Figure 75 plots the average insulated panel responses comparing unbonded and bonded 
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panels with the moment on the primary ordinate and the end-slip on the secondary 
ordinate.  Average panel results were calculated via the method described previously at 
each support rotation increment.  Figure 75a plots the prestressed Nu-Tie, Figure 75b plots 
the prestressed C-Grid®, Figure 75c plots the prestressed Thermomass® X-series, and 
Figure 75d plots the non-prestressed Thermomass® X-series. 
  
  
Figure 75: Average panel response A) Prestressed Nu-Tie, B) Prestressed C-Grid®, C) 
Prestressed Thermomass® X-Series, D) Non-prestressed Thermomass® X-Series 
As tabulated in Table 13 and as seen in Figure 75, unbonding appears to make no 
contributable difference to the insulated panel response.  This is attributed to the fact that 
insulated wall panels utilize shear connectors as shown in Figure 73 which control the 
panel response.  In solid panels where shear ties are not present; however, unbonding may 
affect the panel response.  Figure 76 plots the performance of prestressed and non-
prestressed solid panels to local unbonding. 
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Figure 76: Prestressed and non-prestressed solid panel response to local unbonding 
As seen in Figure 76, locally unbonding the prestressed panels increases the ultimate 
ductility while for non-prestressed panels, locally unbonding decreases the ultimate 
ductility.  However, Table 13 indicates that locally unbonding increases the support rotation 
at maximum moment for non-prestressed panels while it slightly decreases the support 
rotation at maximum moment for prestressed panels.  Unlike the small slabs tested 
previously, the localized unbonding does not have a significant effect on the capacity of the 
panel.  Additionally, the effect of localized unbonding on the panel ductility is unclear.  
Numerical models are recommended to further investigate the performance of the panels. 
4.6.3. Analytical Model 
The analytical model developed previously for the small slabs is applied to both the non-
prestressed and prestressed solid panels.  The model is not considered for insulated panels 
as the response is controlled by the shear ties rather than localized unbonding.  Figure 77 
provides a comparison between the analytical model for the non-prestressed and 
prestressed panel to the experimental data.  Mill certification and tensile test data provided 
previously is used for the material constitutive properties.  Despite the uncertainty in the 
effect of unbonding on doubly reinforced panels, the analytical model developed for singly 
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reinforced slabs provides accurate results for predicting the ultimate deflection and 
maximum moment for both prestressed and non-prestressed panels.  However, the 
analytical model provides a conservative moment-response in general when compared to 
the experimental data.  A better understanding of the behavior of the system will allow for 
an improvement in the analytical model. 
 
Figure 77: Comparison of experimental data to analytical model 
4.6.4. Fleuxral Mechanism in Insulated Panels Conclusion 
35 panels of 12 different panel types were tested to assess the sensitivity of a reinforced 
concrete wall panel’s behavior to locally unbonding.  The following conclusions were 
made: 
 Experiments indicate that locally unbonding has no significant effect on the 
performance of an insulated panel.  This is attributed to the fact that the response 
of the insulated panel is controlled by the shear ties. 
 The effect of locally unbonding solid, double reinforced prestressed or non-
prestressed panels is unclear.  Future numerical modeling would provide insight 
into the behavior of a locally unbonded wall panel.   
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 The analytical model developed for singly reinforced slabs provides an accurate 
estimate of the ultimate deflection and maximum moment for both prestressed and 
non-prestressed panels.  However, the method provides a conservative response of 
both panels in general. 
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5. CLOSE-IN DETONATIONS 
The following section outlines the current methodology for designing a solid reinforced 
concrete slab for close-in detonations (DoD 2008c).  The performance of insulated wall 
panels to close-in detonations is then discussed with experimental, empirical, and 
numerical evaluation (Naito et al. 2014b). 
5.1. Current Methodology 
The assessment of the structural response of buildings subjected to accidental or man-made 
explosions is important for critical facilities.  Generally blast generated demands can be 
categorized into the far field design range and close-in design range.  In the far field design 
range blast generated pressure demands can be considered uniform on the structure and 
basic single degree of freedom approximate analysis is often implemented.  In the close-in 
design range blast pressures are non-uniform and the pressure magnitudes can be very high 
(DoD 2008c).  These ranges are categorized by the scaled distance of the detonation 
relative to the structure.  The scaled distance is measured in terms of distance, R, divided 
by the weight of explosive, W, in kg (lbf) of TNT to the 1/3 power.  A close-in detonation is 
often considered to exist when the scaled distance is less than 1.2 m/kg1/3 (3.0 ft/lb1/3). 
Following the detonation of a high explosive at a small scaled-distance from a concrete 
wall a shock wave is generated.  Part of the shock wave that strikes the wall surface is 
transmitted to the concrete, resulting in a compressive wave.  When the transmitted shock 
wave reaches the back surface, it reflects resulting in a tensile wave.  If the tensile stress on 
the back face is greater than the dynamic concrete tensile resistance the concrete will 
fragment, i.e., spall (DoD 2008c).  The front zone can also spall by excessive compressive 
stress, or if it is subject to a sufficiently strong tensile shock wave as with the back face.  
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The failure of both back and front face to a depth of at least half the wall thickness each 
will produce a breach.  A breach can also form if the shock front contains enough energy to 
completely fragment a localized zone through the depth of the wall, or if the tensile waves 
surpass the tensile capacity of the concrete, creating a void through the entire member.  
The amount of spall may vary from the exterior to interior face of a panel depending on the 
mechanics of the shock wave propagation through the material. Since breach represents the 
void generated, a singular breach diameter is measured on the wythe.  A schematic of spall 
and breach are shown for an insulated wall panel in Figure 78. 
 
Figure 78: Spall/breach schematic 
Resistance to spall and breach in concrete elements is an important design consideration 
when close-in detonations of high explosives are possible.  Spall on the interior face of the 
structural element can result in the formation of small concrete fragments that can travel at 
hundreds of feet per second (DoD 2008c).  These fast moving fragments in the protected 
space of the building can result in fatalities and damage to equipment.  When breach 
occurs, the protected space of the building becomes accessible which can be undesirable 
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for secure facilities.  The formation of spall or breach can be predicted for solid elements 
using empirical methods developed by McVay (1988), Marchand et al. (1994) and DoD 
(2008).  While these methods have been validated for solid concrete elements minimal 
research has been conducted on multi-wythe concrete panels. 
An empirical approach for predicting spall or breach of solid concrete elements is provided 
in the UFC 3-340-02 (DoD 2008c).  In this section, the occurrence of spall and breach is 
empirically examined for the panels evaluated experimentally.  The empirical formulas, 
provided by the UFC 3-340-02 (DoD 2008c) are used for the solid panel and are adapted to 
the case of the insulated panels.   
The spall and breach threshold curves are extrapolated by experimental tests and are 
plotted as functions of the spall parameter (ψ) and the ratio between the height of wall 
section (h) in feet and the stand-off distance (R) in feet.  More details about these curves 
are provided by UFC 3-340-02 (DoD 2008c) in Chapter 4-55.  Experimental tests 
comprised of a cylindrical charge in contact with the ground, oriented side-on at a 
prescribed stand-off distance from a wall as shown Figure 79.  Various contact charges 
with spherical and hemispherical shape were also tested, as consequence an empirically 
derived spall threshold curve (Eq. Equation 36) and breach threshold curve (Eq. Equation 
37) were developed as functions of the ratio h/R and the spall parameter ψ.   
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Figure 79: Typical geometry for spall and/ breach predictions 
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Equation 37 
Where a, b and c are constants per UFC 3-340-02 (DoD 2008c) listed in Table 14; and the 
spall parameter ψ is a function of both the stand-off and contact charges, as given in Eq. 
Equation 38 for non-contact and Eq. Equation 39 for contact detonations. 
Table 14: Spall and breach threshold curve constants 
Constant Spall Breach 
a -0.02511 0.028205 
b 0.01004 0.144308 
c 0.13613 0.049265 
 
𝜓 = 𝑅0.926𝑓𝑐
′0.266𝑊𝑎𝑑𝑗
−0.353 (
𝑊𝑎𝑑𝑗
𝑊𝑎𝑑𝑗 +𝑊𝑐
)
0.333
 
Equation 38 
𝜓 = 0.527𝑅0.972𝑓𝑐
′0.308𝑊𝑎𝑑𝑗
−0.341 
Equation 39 
Where f’c is the concrete compressive strength expressed in psi; Wc is the steel casing 
weight expressed in lbf; and Wadj is the adjusted charge weight expressed in lbf.  Wadj, given 
in Eq. Equation 40, is the weight of a hemispherical surface charge that applies an equal 
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explosive impulse as that of the actual charge.  
𝑊𝑎𝑑𝑗 = 𝐵𝑓𝐶𝑓𝑊 
Equation 40 
where W is the equivalent TNT charge weight expressed in lbf; Bf is the burst configuration 
factor, equal to 1.0 for surface bursts, and to 0.5 for free air bursts; and Cf is the cylindrical 
charge factor given in Eq. Equation 41  and Eq. Equation 42. 
𝐶𝑓 = 1 + 2 ∙ (
𝐿 ∙ 𝐷
𝜋(3 ∙ 𝐿 ∙ 𝐷2/16)0.667
) (1 −
𝑅
2√𝑊
3 ) ; ⁡⁡⁡𝐿 > 𝐷⁡𝑎𝑛𝑑
𝑅
√𝑊
3 < 2 
Equation 41 
𝐶𝑓 = 1;   all other cases 
Equation 42 
Where L and D are the charge length (in.) and diameter (in.) respectively.  A specific threat 
scenario provides the h/R and ψ values.  Once the ratio h/R and the spall parameter ψ are 
known, the response of a concrete panel in terms of spall, breach, or neither can be 
determined. The threshold curves for spall and breach are illustrated in Figure 80.  The 
figure is divided into three sections, each region corresponding to breach, spall, or neither 
(safe). 
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Figure 80: Spall and breach thresholds (DoD 2008c) 
5.2. Spall and Breach Response of Insulated Panels 
The aim of this part of the research is to assess the behavior of insulated panels subjected 
to close-in explosions through experimental evaluation and numerical modeling.  Then, the 
behavior of a conventional 6 in. (152 mm) precast concrete wall is compared with the 
behavior of insulated wall panels.  Several insulated panel configurations are considered 
for investigating both the influence of the foam layer and the performance sensitivity to 
foam thickness.  Since only a localized region near the explosive charge is affected by a 
close-in explosion, similar to a localized impact (Ozbolt and Sharma 2011), the global 
behavior of the wall is not considered in this study. 
5.2.1. Experimental Program 
The experimental program consisted of an assessment of conventional insulated wall 
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panels subjected to close-in detonations of high explosives.  The explosive charge and 
standoff distance are the same for all the simulations, and the main goal of the study is to 
assess the behavior of insulated wall panels subjected to close-in detonations in 
comparison to the behavior of the conventional solid RC panels.  As the demand is the 
same for all simulations and the goal is to compare the results of the various models, 
conclusions can be made without referring explicitly to the explosive weight.  The panels 
are subjected to a detonation of high explosives at a stand-off distance of 5 in. (127 mm) 
which is estimated to produce a reflected pressure of 43,000 psi (296 MPa).  All the 
insulated panels are comprised of an exterior and interior reinforced concrete wythe with a 
thickness (t1 and t2) of 3 in. (76 mm). The foam is varied with thicknesses (tf) of 2 in., 4 in., 
and 6 in. (51, 101, 152 mm) as well as a case where two concrete panels are tested with no 
foam.  The panels have a planar dimension of 64 in. by 64 in. (1626 x 1626 mm) and are 
reinforced with #4@10 in. (Φ No.13 12.7 mm diameter, spaced at 254 mm) and 6 x 6 W4.0 
x W4.0 (Φ 5.7 mm diameter, spaced at 152 mm).  Furthermore, a solid 6 in. thick panel is 
also examined and it was tested separately as part of an earlier study and therefore has a 
smaller planar dimension.  The details for the two panel types are illustrated in Figure 81. 
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Figure 81: Plan and elevation views of tested panels 
The panels represent standard construction details used by the Precast Concrete industry in 
the United States.  The specified concrete design strength for all panels was 5000 psi (34.5 
MPa); then, the concrete strength was measured in accordance with ASTM C39 (2012) 
within 7 days of the detonation experiments and was found to be 5560 +/- 150 psi (38.3 
MPa) and 7160 +/- 110 psi (49.4 MPa) for the solid and insulated panels respectively.  The 
bar reinforcement met the requirements of ASTM A615 (2012) Grade 60 (420 MPa) and 
the welded wire reinforcement (WWR) met the requirements of ASTM A1064 (2010).  
Yield stress for both materials is assumed to be 60 ksi (420 MPa).   
The research study focused on the most economical insulation option, EPS foam.  The 
considered EPS foam has a specific weight of 1.4 lbf/ft
3 (220 N/m3) (PCI 2011), elastic 
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modulus of 250 psi (1.72 MPa) and Poisson’s coefficient of 0.05 (Widdle et al. 2008; 
Masso-Moreu and Mills 2003).  Wythes were connected via 0.5 in. (12.5 mm) diameter 
bolts 6 in. (152 mm) from each corner.  Fender washers with a diameter of 3 in. (76 mm) 
were applied to mitigate concentrated load effects at the corners.  Insulation layers were 
formed by stacking individual 2 in. (50 mm) thick EPS sheets to meet the prescribed foam 
thickness.  The test matrix is summarized in Table 15. 
Table 15: Test matrix 
ID Description 
Thickness 
of exterior 
wythe, t1 
[in. (mm)] 
Thickness of 
EPS 
insulation, tf  
[in. (mm)] 
Thickness of 
interior wythe, 
t2 
[in. (mm)] 
6C 6 in. solid 6.0 (152) 0.0 Not Applicable 
3C-0F-3C 
Stacked 3 in. 
panels 
3.0 (76) 0.0 3.0 (76) 
3C-2F-3C 
3 in. panels 
with 2 in. EPS 
3.0 (76) 2.0 (51) 3.0 (76) 
3C-4F-3C 
3 in. panels 
with 4 in. EPS 
3.0 (76) 4.0 (102) 3.0 (76) 
3C-6F-3C 
3 in. panels 
with 6 in. EPS 
3.0 (76) 6.0 (152) 3.0 (76) 
 
5.2.2. Empirical assessment 
In Figure 82 the expected results for tested concrete panels are presented relative to the 
spall and breach threshold curves shown in Figure 80.  The charge is assumed to be a free 
air blast explosion.  The burst configuration factor is taken as 0.5 and the charge shape 
factor as 1.0 for all cases.  The performance of the insulated panels is assessed with the 
conservative assumption that the exterior wythe and insulation are not present.  For 
example the 3C-4F-3C is analyzed for a panel thickness, h, of 3 in. (76 mm) at a standoff 
distance, R, of 12 in. (305 mm).  Recall that the specimens are tested with a stand-off from 
the exterior front face of 5 in. (127 mm).  Based on the empirical formulations the solid 
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panel is expected to spall and the 3C-0F-3C panel, neglecting the protection provided by 
the exterior wythe, is expected to breach.  Using the adaption of the empirical formulas, 
provided by the UFC 3-340-02 (DoD 2008c), to the insulated wall panels the addition of 
foam layers, and consequently standoff-distance to the front of the interior wythe, results in 
a marginal improvement in breach resistance; however, for all cases spall is expected. 
 
Figure 82: Spall/breach threshold curves with expected damage plotted 
5.2.3. Experimental results 
The results of the experimental program are summarized in this section.  Each panel was 
subjected to one detonation as previously discussed.  The results of the damage incurred on 
each panel are illustrated in Figure 83.  Damage photos are taken for each panel face that 
sustained damage.  In the discussion, exterior refers to the wythe on the exterior of the wall 
closest to the detonation while the interior refers to the wythe on the interior of the building 
furthest from the detonation.  The face locations correlate to the designation used in Figure 
83 (i.e., 1-front, 1-rear, 2-front, 2-rear).  The diameter of spall was measured on each face 
and the breach was measured on each panel if it occurred.  The effective diameter of the 
spall or breach was determined graphically from high-resolution images.  The area of the 
damaged region on each image was used to determine an equivalent circular area and 
subsequently equivalent diameter.  The results are summarized in Table 16.  For cases 
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where no spall or breach occurred a value of 0.0 is reported. 
 
Figure 83: Damage observed from close-in detonations 
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Table 16: Experimental spall and breach results 
Panel 
Exterior Wythe Interior Wythe 
1 - Front 1 - Rear Breach 
Diameter 
[in. (mm)] 
2 - Front 2 - Rear Breach 
Diameter 
[in. (mm)] 
Spall Dia. 
[in. (mm)] 
Spall Dia. 
[in. (mm)] 
Spall Dia. 
[in. (mm)] 
Spall Dia. 
[in. (mm)] 
3C-0F-3C 7.9 (200) 9.9 (252) 0.0 9.4 (239) 21.3 (541) 2.5 (64) 
3C-2F-3C 8.3 (211) 11.7 (297) 8.3 (211) 6.3 (160) 21.1 (536) 6.3 (160) 
3C-4F-3C 7.7 (196) 11.0 (279) 7.7 (196) 0.0 0.0 0.0 
3C-6F-3C 7.6 (193) 15.5 (394) 7.6 (193) 0.0 0.0 0.0 
6C 5.6 (142) 22.4 (569) 0.0 N.A. N.A. N.A. 
The greatest amount of spall occurred on the solid 6 in. thick concrete panel (6C).  A 
comparable level of damage was observed on the panel composed of two 3 in. thick 
concrete panels with no insulation (3C-0F-3C), however the failure mechanism changed.  
The damage differed in that the stacked arrangement resulted in a breach of the interior 
section.  This interior breach however would not change the protection level since the 
exterior wythe was not breached and access would not be possible.  The breach of the 
interior wythe on the stacked arrangement, however, may result in a greater quantity of 
ejecta than that of the 6 in. solid. 
The use of insulation foam provided mixed results as the thickness of foam was increased.  
A small amount of insulation (3C-2F-3C) resulted in the lowest performance.  A full breach 
of both wythes occurred on the 3C-2F-3C panels with a similar amount of interior spall 
diameter to that of the 6C and 3C-0F-3C panels.  This indicates that small separations 
created by insulation may provide enough space to allow for the damage to the exterior 
wythe to eject and impact the interior wythe.  This is further supported by comparing the 
damage to the exterior wythe of the 3C-0F-3C and the 3C-2F-3C panels.  The damage 
levels are similar with the exception that no breach occurs when the exterior wythe is 
bearing against the hard surface of the interior concrete wythe.   
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The use of a greater amount of foam on the 3C-4F-3C and the 3C-6F-3C panels resulted in 
a complete protection of the interior concrete wythe.  For both cases, no damage was 
observed on either the front or rear of the interior wythe.  The amount of spall on the 
exterior wythe remained comparable between the 3C-2F-3C and 3C-4F-3C but increased 
for that of the 3C-6F-3C.  This may indicate that larger amounts of foam may result in less 
containment of the exterior wythe. 
The empirical prediction of spall and breach was in line with the measured values for the 
solid concrete panel (6C).  The spall occurred as expected (compare the 6C panel in Figure 
82, Table 16 and Figure 83).  Nevertheless, utilizing the empirical formulation assuming 
that the exterior wythe is not present is not accurate.  The stacked 3C-0F-3C was expected 
to have a breach; however, only spall was present.  The 3C-2F-3C was expected to have 
spall however a breach occurred and the larger foam thicknesses was expected to produce 
spall but no damage was observed.  Based on these observations it is clear that the 
mechanics of the shockwave propagation through insulated panels is complex and 
consequently a numerical evaluation is required. 
5.2.4. Numerical model 
Numerical analyses are carried out in order to both design the experimental tests and 
further investigate the response of the insulated wall panels subjected to close-in 
detonations.  The numerical investigation is valid for all three types of insulated wall 
panels (non-composite, composite, and partially-composite) as the shear connectors, which 
provide coupling between the two concrete layers, are significant for the global response of 
the insulated panel (Naito et al. 2011a).  For the analyses performed, only the local effect 
of the insulation is of concern, the ties (Naito et al. 2012) are therefore not included.  
Several studies have focused on high load demands on slabs and/or protective metal plates.  
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The research indicates that numerical simulations can accurately predict the response of 
structures loaded by both close-in detonations (Zhou et al. 2008) and impact loads (Flores-
Johnson et al. 2011).  
Zhou et al. (2008) conducted numerical and experimental studies on concrete slabs, 
comprised of conventional and steel fiber reinforced concrete, subjected to two consecutive 
detonations.  Furthermore, Zhou et al. (2008) adopted a damage model for the concrete 
using the erosion algorithm (LSTC 2012a) in order to model the fracture in the concrete.  A 
similar set of numerical methods was conducted by Flores-Johnson et al. (2011) who 
presented an investigation on the ballistic performance of monolithic, double- and triple-
layered metallic plates.  Finite element models, examining high rate loading effects, are 
further validated by the experimental works of Børvik et al. (2009) and Forrestal et al. 
(2010), and many of the physical characteristics of the penetration process observed 
experimentally were numerically reproduced, allowing for a reduction in the number of 
experiments required.  
Furthermore, about the study of high load demands on structures, analytical formulations 
were developed in order to both estimate the damage of concrete pavement slabs under 
close-in explosions (Luccioni and Luege 2006) and the penetration of projectiles into 
concrete panels (Li et al. 2005).  Several experimental tests were also carried out in order 
to assess the behavior of panels fabricated with various types of concrete under close-in 
detonations (Ohkubo et al. 2008).  Concerning the study developed in this paper, a 
comparable effort was made by Yamaguchi et al. (2011) on the use of thin shock absorbing 
materials for using between concrete panels.  The results of their work indicated that the 
adoption of thin layers of foam and rubber does not improve the resistance to the spall.  
The examined thickness however, was 15 mm, much lower than insulation thicknesses 
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used in conventional construction in the United States. 
Many numerical solution techniques can be utilized for this evaluations including the 
“Lagrangian”, “Eulerian”, “Eulerian-Lagrangian” methods (Bontempi and Faravelli 1998; 
LSTC 2012b), and the “Smoothed Particle Hydrodynamics” method (LSTC 
2012b;Manenti et al. 2012).  Furthermore, two methods exist to take into account the 
interaction between the shock wave and the structural component: the coupled and the 
uncoupled approach (NCHRP 2010).  In this study the “Lagrangian” method and the un-
coupled approach are utilized (Davidson et al. 2005) in order to reduce the computational 
effort, the blast load is computed and applied independently from the fluid-structural 
interaction between the insulated panel and the shock wave.  Consequently, the Load Blast 
Enhanced keyword (LSTC 2012a) is used to provide the blast load demand (Coughlin et al. 
2010); thus the blast pressure is computed and applied in each finite element face 
belonging to the defined load surface giving the proper non uniform distribution of 
pressures on the insulated panel.   
The finite element models have constant solid stress elements for modeling the concrete 
and foam materials, and truss elements for modeling the reinforcement (LSTC 2012a).  To 
bond the truss and solid elements, the LS-DYNA keyword Constrained Lagrange in Solid 
is used.  
The material model of the reinforcement is provided by the kinematic hardening plasticity 
model (Chen and Hao 2012).  This is an elastic-plastic material model with a bilinear 
stress-strain curve and strain rate dependency; thus after the yield a plastic modulus is 
provided and the plastic stresses increase linearly until the ultimate plastic deformation is 
reached leading to the erosion of the finite element without dependence on the triaxiality.  
The rate dependence is taken into account by the Cowper-Symonds exponential strain rate 
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model (LSTC 2012a; Cowper and Symond 1957; Su et al. 1995), and the parameters 
required for this model are C= 500 1/sec, and p=6 (Su et al. 1995). 
The adoption of an appropriate constitutive model for the concrete (Bontempi and Malerba 
1997) is imperative to accurately model the response of concrete structures under close-in 
explosions.  In this study, the Karagozian & Case (K&C) Concrete Damage Model (Malvar 
et al. 1997), Material 72R3, with automated parameter generation (LSTC 2012a) was 
selected for modeling the concrete.  The K&C concrete model is a damage plasticity model 
that decouples the failure criteria for the hydrostatic and deviatoric part of the stress tensor 
taking also into account the increased strength of the material due to the strain velocity by 
a user defined dynamic increase factor for both tension and compression stresses.  For the 
hydrostatic regime an equation of state is assigned, while for the deviatoric stresses three 
failure surfaces are considered: the yield, the maximum, and the residual failure surface; 
furthermore, the stresses and the failure surfaces are then defined in the space of the three 
invariants, see Chen (1982).  When the stresses reach the yield the failure surface moves as 
a function of the damage parameter which is dependent on the accumulated plastic 
deformations.  Therefore, the actual failure surface moves from the yield to the maximum 
surface modeling the hardening of the concrete, and moves from the maximum to the 
residual surface modeling the softening of the concrete.  As mentioned, more details on the 
material model are in the original paper of Malvar et al. (1997).   
The implementation of the strain-rate effects in the concrete model is also crucial to 
properly simulate the behavior of concrete wall panels subjected to impulsive loads (Xu 
and Lu 2006).  In fact, the concrete has different strain-rate effects in tension and 
compression; furthermore, the hydrostatic component of the stress tensor is important for 
the concrete behavior (Li et al. 2005), which complicates the experimental assessment of 
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the strain-rate effects (Grote et al. 2001).  The results of numerical simulations are 
influenced by the strain-rate dependence and several strain-rate curves are proposed in the 
literature: Li et al. (2005); Grote et al. (2001); CEB (1993); Tedesco et al. (1997).  
However, the research by Williams and Williamson (2011) suggested that the compressive 
dynamic increase factor for the concrete constitutive model are not necessary because the 
finite element models are able to capture the strain-rate effect by the inertia confinement 
only.  In this paper the strain-rate curves developed experimentally by Tedesco (1997) are 
adopted for the numerical models neglecting the compressive dynamic increase factor over 
the strain rate of 63.1 sec-1; Figure 84 shows the dynamic increase factor as presented in 
Tedesco et al. (1997).  
 
Figure 84: Dynamic Increase Factor (DIF) versus strain-rate for concrete 
The foam is modeled using the Modified Crushable Foam (LSTC 2012a), Material Type 
63.  The disadvantage of this material model is the elastic unloading; however, since the 
study is focused on the max inbound effects the unloading is not critical to the analysis.  
The foam constitutive law is characterized by the stress versus volumetric strain curves for 
each strain-rate deformation regime.  
The stress versus volumetric strain relationship of the EPS foam is taken from comparative 
experimental tests conducted on different foam types by Croop and Lobol (2009).  The 
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values are obtained for the insulating foam at many load rates and the stress axis is 
normalized by the static yield stress.  Data on the yielding stress of EPS foam is taken from 
PCI recommendations (PCI 2011), from which the stress versus volumetric strain chart is 
obtained via the previously derived normalized chart.  This approach assumes that the two 
foams have approximately the same chemical and morphologic characteristics, resulting in 
the same behavior at high load rate.  The two foams have only a different specific weight, a 
parameter which mainly influences the foam resistance (Di Landro et al. 2002).  Table 17 
and Figure 85 summarize the foam characteristics used.   
Table 17: Assumed physical properties of the EPS insulating foam 
Property Imperial SI 
Density  1.4 lbf/ft3 220 N/m3 
Water absorption  < 3 % < 3 % 
Compressive strength  15 psi 103 kPa 
Tensile strength 25 psi 172 kPa 
Linear coefficient of expansion  40x106 / °F 72x106 / °C 
Shear strength 35 psi 241 kPa 
Flexural strength 40 psi 276 kPa 
Thermal conductivity 0.26 Btu-in./hr/ft2/°F 0.037 W-m/m2/°C 
Maximum use temperature 165 °F 74 °C 
 
 
Figure 85: Stress vs. volumetric strain chart of the used EPS foam 
In order to capture the interaction between the two concrete wythes the LS-DYNA Contact 
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Eroding Single Surface parameter was used.  Furthermore, in order to avoid both numerical 
instability and excessively short time steps (Δt < 10-7 second), the foam is allowed to erode 
through the use of the LS-DYNA Mat Add Erosion. At a volumetric strain of 1.0 the 
insulation foam undergoes numeric instability. To prevent this instability from occurring 
over one time step the erosion criterion is based on the volumetric strain in the foam 
reaching a value of 0.95. 
5.2.5. Numerical Results 
Figure 86 illustrates the predicted concrete damage patterns on the front of the exterior 
wythe, the rear of the interior wythe, and on a section view respectively.  The damage 
parameter of the concrete model has been used in order to illustrate both the cracking and 
the spall patterns on the concrete wythes, mainly because the damage parameter is 
cumulative so no time dependent. The threshold values for evaluating the failure of the 
concrete were adopted from Wang et al. (2008) and used to capture the failure of the 
concrete; thus the failure patterns in Figure 86 are illustrated using the damage parameter 
fringe level from 1.95 to 2.  
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Figure 86: Numerical spall and breach results for damage parameter from 1.95 to 2.00 
As illustrated in Figure 86, the numerical analysis provides a sufficiently accurate 
estimation of the insulated wall panels’ behavior.  The occurrence of spall and breach on 
the panels is the same as the experiment. The solid panel and the 3C-2F-3C panel resulted 
in breach while the 3C-4F-3C and 3C-6F-3C panels had damage only on the exterior 
wythe.  The stacked panel 3C-0F-3C resulted in damage primarily to the interior wythe.  
The predicted spall diameter on the rear face of the internal wythe is compared with the 
experimental data in Figure 87.  The horizontal axis denotes the insulated wall panel under 
investigation (with the amount of foam increasing from left to right), while the vertical axis 
is the spall diameter (in the rear face of the interior wythe). As mentioned previously the 
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spall diameter is measured by the plot of the damage parameter; furthermore, two ranges of 
the damage parameters are considered in order to provide a minimum and a maximum 
threshold for the predicted spall diameter.  The minimum value is assessed by the plot of 
the primary damage into the concrete, while the maximum value is assessed by the plot of 
the primary plus the secondary damage into the concrete.  The primary and secondary 
damage are represented by the damage parameter in the range from 1.95 to 2 and from 1.8 
to 1.95 respectively (Wang et al. 2008).  The numerical model matches the response of the 
insulated panels; however, the stacked and solid panels are marginally under-predicted.   
 
Figure 87: Measured and predicted spall diameter on protected face (rear face of the 
interior wythe) 
The mechanism of damage of the interior wythe can be characterized by the impact of the 
concrete debris of the exterior wythe on the front of the interior wythe.  For the blast 
demand examined, the exterior 3 in. (76 mm) thick wythe spalls for all foam thicknesses; 
consequently, when the concrete spalls the debris impacts the interior wythe.  The impact 
force is measured in the numerical model over a 4 in. (102 mm) diameter region on the 
center of the 2-front surface by the means of a circular control section in the finite element 
models, and the force demand is illustrated in Figure 88.  The impact force decreases 
139 
considerably as the foam thickness increases from the base level of 2 in. (51mm) to the 
insulated wall panel with 6 in. (152 mm) of foam. 
 
Figure 88: Impact force demand on the front face of the interior wythe 
The numerical simulations are also used to investigate the effect of the insulation material 
on the resistance of the insulated wall panel to spall and breach.  The use of air over that of 
three foam types (A, B and C) is examined.  The foam A is the material used in the 
experimental investigation.  As mentioned, this material has a density of 1.4 lbf/ft
3 (22.4 
kg/m3), a compressive strength of 15 psi (103 kPa) and represents the medium grade of 
EPS foam (PCI 2011).  Foam B represents denser EPS foam and has a density of 1.8 lbf/ft
3 
(28.8 kg/m3) and a compressive strength of 25 psi (172 kPa). Foam C represents XPS with 
a density of 1.8 lbf/ft
3 (the same as Foam B) and a compressive strength of 40 psi (276 
kPa).   
The results of the parametric numerical analyses are summarized in Figure 89.  As 
illustrated, the damage to the interior wythe of the insulated wall panels increases as the 
density of the foam increases.  Air provides the best defense against the transfer of the 
demand from the exterior wythe while dense and strong XPS foam provides the lowest 
resistance to damage.  Evidently, the air provides improved resistance by spreading the 
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damage over a larger portion of the exterior wythe.  This is illustrated in a comparison of 
the fringe plots for the 2 in of air (3C-2F-3C) versus 2 in of foam A (3C-2A-3C) panels in 
Figure 86.   
 
Figure 89: Parametric examination of insulation type and thickness for spall 
5.2.6. Spall and Breach Response of Insulated Panels Conclusions 
A research program was conducted to assess the viability of insulated reinforced concrete 
wall panels in mitigating spall and breach from close-in detonation of high explosives.  The 
performance was assessed relative to experimental tests, existing empirical formulations, 
and numerical analyses.  The experimental tests were conducted on full scale panels built 
in accordance with the standard practice of the United States Precast/Prestressed Concrete 
Industry.  The panels consisted of conventional geometries and included an internal and 
external concrete wythe 3 in. (76 mm) thick and EPS insulation varying from 0 to 6 in. 
(152 mm).  The empirical formulations developed by the DoD (2008) were used as a basis 
of comparison.  The numerical simulations were conducted using LS-DYNA finite 
elements program (LSTC 2012a).  The following conclusions are drawn from the results 
presented:   
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 The solid 6 in. concrete panel (6C panel) and the panel composed of two stacked 3 in. 
wythes (3C-0F-3C panel) provide a comparable level of resistance to close-in 
detonations.  The mechanism of failure however is altered in that the stacked panel 
prevents the occurrence of a complete breach with minimal damage on the exterior 
wythe and breach only on the interior wythe.   
 The use of EPS insulation foam resulted in mixed performance as a function of the 
insulation foam thickness.  Small amounts of insulation, 2 in. (51 mm), resulted in a 
full breach (similarly as the experimental results of Yamaguchi et al. (2011)) while the 
case with no insulation (3C-0F-3C panel) had no breach.  Greater thicknesses of 
insulation resulted in full protection of the interior wythe with no damage on either the 
front or rear face of the interior wythe. 
 The empirical formulations for spall and breach matched the data for the solid panel 
(6C panel).   
 The use of empirical formulations for predicting the spall and breach on the insulated 
wall panels was made by assuming that the exterior wythe was not present and the 
stand-off distance was increased.  This approach was found to be inaccurate as it does 
not represent the complex behavior that occur, as the shockwave propagates through 
the various panel materials and the external wythe debris impacts the interior wythe. 
 The numerical simulations are able to predict the occurrence of the spall and breach for 
insulated panels subjected to close-in detonations; the breach diameters on the rear face 
of the interior wythe were found to be marginally unconservative for small foam 
thickness but bound the response at higher thicknesses. 
142 
 The numerical models indicate that the density and strength of the insulation foam is 
the main factors in transfer of demand to the interior wythe.   
 The numerical models supported the experimental data and could be used to further 
develop semi empirical spall and breach curves for insulated wall panels subjected to 
close-in detonations.  
In conclusion, the insulated wall panels have enhanced spall and breach performance 
against close-in blast demands when adequate foam thickness is used.  This is due to the 
exterior concrete wythe acting as a sacrificial wythe, allowing the gap and foam to 
dissipate much of the concrete fragment kinetic energy and mitigate the incipient 
shockwaves from the initial shock.   
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6. BALLISTIC DEMANDS 
The following section outlines the current design methodology for reinforced concrete 
slabs subjected to ballistic and fragment demands.  Additionally, a new probabilistic design 
approach for ballistic and fragment design to assess the probability of personnel injury is 
outlined with a design example. 
6.1. Fragility Analysis for Ballistic Design 
Reliability analysis and performance based design are becoming common practice in 
structural engineering as the occupant safety and building efficiency continue to become 
more important.  The use of the fragility analysis method, which was originally developed 
in earthquake engineering (Cornell and Krawinkler 2000) (Luco and Cornell 2000) 
(Vamvatsikos and Dolsek 2011), has been expanded to other structural engineering fields 
including wind design (Petrini and Ciampoli 2010) and blast design (Olmati et al. 2013).  
The fragility analysis allows designers to quickly assess the probability of exceedance of 
limit states for structural components knowing the probability density function of the 
intensity measure.  This paper develops a framework to expand the fragility analysis to the 
field of ballistic design allowing the designer to assess the probability of personnel injury 
for a given direct fire or indirect fire weapon, e.g. mortar round. 
Effective structural design to resist ballistic effects such as small arms or fragmenting 
weapons has been a goal since weapons were developed.  Approaches currently in use for 
ballistic design are predominantly deterministic, allowing designers to decide what wall 
thickness should be used in order to stop a prescribed bullet impacting at a predefined 
velocity.  Cumulative distribution functions (CDF) have been formed in literature (Elek 
and Jaramaz 2009) for the mass dispersion of a fragmenting weapon, allowing a designer 
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to set a confidence level for the mass of the fragment (DoD 2008c); however, no further 
probabilistic analysis has been considered.  Current methods fall short of allowing the 
designer or owner to have an accurate understanding of the level of safety that is provided 
by a given design.  To overcome this shortfall a probabilistic approach is developed that 
can be used in order to determine the degree of safety of a structural design against bullets 
and fragments.  The proposed approach expands on reliability based analysis for 
fragmentation effects and penetration of fragments into concrete (Twisdale et al. 1993), 
allowing the designer to account for variability in the materials used, the construction 
thicknesses, the variation in the fragment size, distribution and strike velocity, and the 
probability of critically harming an inhabitant of the structure. 
The approach is broken down into three categories: 1) Direct Fire Weapons, 2) Indirect Fire 
Weapons, and 3) Injury to Personnel.  Category 1 introduces the concept of uncertainty in 
demand and capacity through stochastic variables utilized in bullet penetration equations.  
Category 2 expands on category 1 by introducing variables that are a function of the 
defined stochastic variables.  Category 3 builds on category 2 by utilizing the output 
obtained in category 2 to determine the likelihood of personnel injury.   
Each mentioned category is illustrated through numerical examples of a wall design in 
order to assess: a) Threat levels presented in Unified Facilities Criteria (UFC) 4-023-07 
(DoD 2008a), b) Typical mortar round approximated by a fragmenting cylindrical charge, 
c) Critical organ damage provided in UFC 3-340-02 (DoD 2008c).   
6.1.1. Models for perforation 
The following sections list the threat parameters and relevant equations utilized in the 
performed probabilistic analysis. 
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Direct Fire Weapons 
The UFC 4-023-07 provides design procedures for structures subject to direct weapons fire 
(DOD 2008a).  Four different threat levels are defined to represent the weapons that can be 
expected to be used on a building and personnel.  These threat levels were derived from the 
Underwriters Laboratories Standard for Safety (UL 752) (UL 2005).  The mentioned four 
threat levels are defined by the mass, impact velocity, size and shape of the ammunition.  
The parameters of interest for the purpose of this study are shown in Table 18; in particular 
the Underwriters Laboratories provides the nose performance coefficient, N, for the 
prescribed ammunition. Alternatively N can be calculated as the summation of 0.72 and a 
quarter of the quotient of the projectile nose length and diameter (DoD 2008a).  Bullet 
mass is commonly calculated in grains, thus for consistency, bullet and fragment mass will 
be referred to in grains (15.43grain = 1g).   
Table 18: Direct fire weapons threat parameters (DoD 2008a) (UL 2005)  
Design Basis 
Threat 
UL 752 
Level 
N 
Mass 
(grain) 
Strike  
Velocity (m/s) 
Diameter 
(mm) 
Very High 10 1.31 709.5 856-942 12.95 
High 9 1.39 166 828-910 7.82 
Medium 5 1.26 150 838-922 7.82 
Low 3 0.91 240 411-453 11.18 
Note: “N” is the nose performance coefficient 
 
The maximum penetration into an air backed concrete wall (mm) is empirically provided in 
Equation 43 where d is the projectile diameter (mm), m is the projectile mass (kg), c is the 
maximum gravel size in concrete (mm) (assumed to be 19mm for most concrete (DoD 
2008a)), vs is the strike velocity (m/s), fc is the concrete compression strength (MPa), and 
fage is the concrete age factor (taken to be 1).  Equation 43 is then utilized to determine the 
thickness required (mm) in order to prevent perforation, TPL, in the empirically formed 
Equation 44 which can be used to calculate the residual velocity, vr, of the projectile (m/s) 
in Equation 45 where t is the actual wall thickness (mm) of the panel. 
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𝑃𝑐 =
56.6 (𝑚 𝑑3⁄ )
0.075
𝑁𝑚𝑣𝑠
1.8
𝑑2√𝑓𝑐
(𝑑 𝑐⁄ )
0.15
𝑓𝑎𝑔𝑒
+ 𝑑 
Equation 43  
 
𝑇𝑃𝐿 = 𝐷 [1.239(
𝑃𝑐
𝑑⁄ ) + 1.132] Equation 44 
 
𝑣𝑟 = 𝑣𝑠 (1 −
𝑡
𝐷⁄
𝑇𝑃𝐿
𝐷⁄
)
0.733
 Equation 45 
Indirect Fire Weapons 
Upon detonation of a mortar, fragments are generated both from the mortar casing, termed 
“primary fragments”, and from objects that interact with the blast wave generated from the 
detonation, termed “secondary fragments”.  In this paper, only “primary fragments” will be 
discussed and thus the name is shortened to fragment for convenience.  Table 19 provides 
three different threat levels for indirect fire weapons.  Unlike the direct fire threat 
parameters given in Table 18, the indirect fire weapon threat levels are defined relative to 
the protection provided and the proximity of the detonation; consequently the size of the 
fragmenting munition is dependent on the needs of the owner. 
Table 19: Indirect fire 
weapons threat parameters 41 
Design Basis 
Threat 
Impact 
Distance (m) 
High Near Contact 
Medium 2 
Low 5 
 
Once the mortar casing ruptures, a large number of fragments are generated which are 
assumed to all project with the same initial velocity.  The most prevalent technique to 
determine the initial velocity, vo (fps), is the Gurney method (Gurney 1943)(DoD 2012) 
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shown in Equation 46 (DoD 2008c); which is only valid for cylindrical cylinders uniformly 
packed with explosive, W (lbf) is the charge weight, Wc (lbf) is the weight of the casing 
(the mortar in this case) and (2E’)1/2 (fps) is the Gurney Energy Constant dependent on the 
explosive type.  Although it is assumed that all fragments have the same initial velocity, the 
strike velocities will differ as it is a function of the fragment mass, drag, and standoff 
distance.  Note that the equations in this section were developed for English units; 
however, the results have been converted to SI units. 
𝑣𝑜 = (2𝐸′)
1/2(
𝑊
𝑊𝑐
⁄
1 + 0.5𝑊 𝑊𝑐
⁄
)
1/2
 Equation 46 
 
Numerous CDFs have been developed for the mass dispersion of fragments (Elek and 
Jaramaz 2009).  CDFs give the probability that a stochastic variable “X”, with a proper 
probability density function, is equal to or less than a value (x).  One of the most popular 
and proven distributions is the Generalized Mott Distribution, shown in Equation 47 ((Elek 
and Jaramaz 2009) where NT(m) is the number of fragments greater than mass m, µ is the 
mean mass, and λ is an exponent depending on the thickness of the casing.  The 
Generalized Mott Distribution is formulated based on three-dimensional fragmentation 
geometric statistics.  For thin-walled steel casings, a value of ½ was found to be adequate 
(Arnold and Rottenkolber 2008)(Gurney 1943). 
𝑁𝑇(𝑚) = 𝑒𝑥𝑝 [−(
𝑚
𝜇⁄ )
𝜆
] Equation 47  
 
The mean fragment mass is taken to be MA
2 where MA (oz
1/2) is the fragment distribution 
factor provided in Equation 48 (DoD 2008c).  The fragment distribution factor is a function 
of the casing thickness tc (in), the mean inner casing diameter di (in) and an explosive 
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constant, B (oz1/2in-7/6), dependent on the explosive type. 
𝑀𝐴 = 𝐵𝑡𝑐
5/6
𝑑𝑖
1/3
(1 +
𝑡𝑐
𝑑𝑖
⁄ ) Equation 48 
 
In order to determine the fragment diameter, a fragment shape as shown in Figure 90 is 
assumed.  The caliber density, D (lb/in3), which is equal to the quotient of the fragment 
mass and the cube of the fragment diameter, is taken to be 0.079 grain/mm3.  This defines a 
typical fragment shape of chunky geometry (DoD 2008c).   
 
Figure 90: Standard fragment shape (DoD 2008c)  
Many equations exist to calculate the penetration of a bullet or other designed projectile 
into concrete; however, there are relatively few equations available for fragment 
penetration in particular.  The Modified National Defense Research Committee formula 
(NDRC 1946)(Arnold and Rottenkolber 2008), originally derived by Beth (Beth 
1946)(NDRC 1946), was chosen because it agrees with the largest range of experimental 
test data (Kennedy 1975)(Beth 1946)(Yankelevsky 1997), it is based on a theory of 
penetration with empirically determined coefficients allowing it to be extrapolated beyond 
the range of available test data with greater confidence (Kennedy 1975)(Beth 1946), it is 
one of the most representative equations in use (Li et al. 2005)(Yankelevsk 1997), and it is 
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one of the only equations aside from the Amman and Whitney Formula (Kennedy 
1975)(Beth 1946) available for fragment penetration.  Additionally, empirical formulas 
have been developed for spalling and perforation limits based on the NDRC equation (Li et 
al. 2006)(Li et al. 2005).  The Modified NDRC equation is reproduced as Equation 49 
where Xf (in) is the maximum penetration of an armor piercing fragment into air backed 
concrete with a strength of 27.6MPa, d (in) is the diameter of the fragment and vs (fps) is 
the strike velocity.  The penetration depth can be adjusted for various concrete and 
fragment strengths (DoD 2008c).  Equation 50 and Equation 51 provide the minimum 
thicknesses of the concrete wall to prevent perforation, Tpf (in), and spall, Tsp (in) 
respectively.  The residual velocity of a fragment that perforates the concrete wall is 
empirically given by Equation 52. 
𝑋𝑓 = 2.86 ∗ 10
−3𝑑1.1𝑣𝑠
0.9 for Xf ≤ 2d 
 
𝑋𝑓 = 2.04 ∗ 10
−6𝑑1.2𝑣𝑠
1.8 + 𝑑 for Xf > 2d 
Equation 49 
 
𝑇𝑝𝑓 = 1.13𝑋𝑓𝑑
0.1 + 1.311𝑑 Equation 50 
 
𝑇𝑠𝑝 = 1.215𝑋𝑓𝑑
0.1 + 2.12𝑑 Equation 51 
 
𝑣𝑟 = 𝑣𝑠 [1 − (
𝑡
𝑇𝑝𝑓⁄
)
2
]
0.555
for Xf ≤ 2d 
 
𝑣𝑟 = 𝑣𝑠 [1 − (
𝑡
𝑇𝑝𝑓⁄
)]
0.555
for Xf > 2d 
Equation 52 
 
While no methods exist for calculating the probability of obtaining a penetration depth 
given a bullet impact, a method has been established for fragment strikes.  A confidence 
level, CL, as defined by (DoD 2008c) can be chosen to limit the design mass of the 
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fragment as given in Equation 53.   
𝑚 = 𝑀𝐴
2𝑙𝑛2(1 − 𝐶𝐿) Equation 53 
 
The CL is a one-sided confidence limit, giving the lower critical value of the CDF.  For 
example, the engineer would select a CL of 0.9 in order to design for a fragment that is 90% 
heavier than all the other fragments produced during the detonation.  Unfortunately, the 
method provided in (DoD 2008c) does not account for the fragment trajectory.  The 
method presented in this paper serves as a suitable probabilistic approach that allows the 
designer to determine the probability of a fragment to strike a target and assess the 
probability of injury to personnel. 
Injury to Personnel 
Human organ tolerance levels have been established for four critical organs as defined in 
(DoD 2008c): thorax, abdomen, limbs, and head.  Table 20 provides the threshold limit of 
each critical organ in terms of fragment mass and velocity.  Intuitively, a fragment with a 
smaller mass must travel faster in order to cause bodily harm.  Note that the threshold limit 
for each organ is not at a constant kinetic energy limit.   
Table 20: Threshold of serious injury due to fragment 
impact (DoD 2008c) 
Critical 
Organ 
Mass [grain] Velocity [m/s] 
Thorax 
>17500 3.1 
700 24.4 
7 121.9 
Abdomen and 
limbs 
>42000 3.1 
700 22.9 
7 167.6 
Head 
>56000 3.1 
700 30.5 
7 137.2 
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6.1.2. Theory and Calculation 
The following sections provide the distributions, mean values, and coefficients of variation 
utilized in the probabilistic analysis.  The number of samples, n, was selected to be 100,000 
for each input variable.  Each group of random samples comprising the input variable was 
generated from a prescribed probability density distribution.  The input variable is a 
variable which is independent of all other variables, while variables that depend on input 
variables are referred to as intermediary variables.  To develop the distribution of an 
intermediary variable, Monte Carlo simulations were conducted utilizing the equations 
provided in the “Models for perforation” section.  The Monte Carlo simulation assesses the 
probability of a certain event occurring through the repetition of a large number of 
deterministic experiments.  In general, the Monte Carlo simulation is performed in four 
tasks as shown in Figure 91:  
1. Statistic characterization of the random variables,  
2. Generation of the samples from the prescribed probability density functions,  
3. Solution of the deterministic problem for each set of inputs to compute a set of 
outputs,  
4. Post-processing and statistical analysis of the results in order to obtain the 
probabilistic characteristics of the output variables.   
Figure 91 generally depicts how the Monte Carlo process was utilized for the direct fire 
weapons, indirect fire weapons, and injury to personnel sections.   
In contrast to the Monte Carlo simulation, the confidence level method is unable to account 
for variations in input and thus intermediary variables as shown in Figure 91.  The 
confidence level approach allows the engineer to design for one specific fragment mass, 
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determined based on the corresponding mass value determined from the Mott Distribution 
from the confidence level selected, as provided in Equation 53.  All other variables are 
considered deterministic, including the standoff distance and charge size.  A probabilistic 
curve may be developed using the confidence level method by repeating the process and 
saving each calculated output value corresponding to the selected confidence level.   
 
Figure 91: Monte Carlo simulation versus confidence level method 
Direct Fire Weapons 
The bullet mean velocity for each threat level was taken to be the mean between the 
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maximum and minimum velocities for each threat level provided in Table 18.  The 
Coefficient of variation (COV), defined as the quotient of the standard deviation and the 
mean value of the distribution, was selected in order to obtain such that the number of 
bullets with a velocity outside of the range provided in Table 18 was less than 1% of the 
total number of samples.   
  For security reasons, data available on ballistic demands and performance is limited 
distribution to the public.  As a consequence, the distribution for strike velocity shown in 
Figure 93 was assumed to be lognormal, as the lognormal distribution is useful especially 
when the values of the stochastic variables are strictly positive (Ang and Tang 2007).  
Confidential documents should be consulted to apply a more realistic distribution and 
improve the accuracy of the results. 
 
Figure 92: Strike velocity distribution 
Similar to the bullet velocity, the bullet mass distribution was assumed to be lognormal 
with a mean value obtained from the mass expected for each bullet type used in the threat 
levels of Table 18.  An open distribution report by the U.S. Air Force Academy found that 
the largest standard deviation of bullet mass from a sample of 40 boxes of ammunition 
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representing seven different companies was 0.470% (Magee et al. 2012).  The concrete 
strength was also taken as stochastic variable with lognormal distribution and a COV of 
0.18 (Enright and Frangopol) as shown in Figure 94.  Table 21 provides a list of the 
stochastic variables, all of which are lognormal, with their mean values and coefficients of 
variation.  The nose coefficient, N, bullet diameter, d, and the concrete aggregate size, c, 
were taken as deterministic where c was assumed to be 19mm (DoD 2008a).  In order to 
calculate residual velocities, a wall thickness with a mean of 152mm was assumed as 
provided in Table 21.  The COV of the wall panel thickness was based on tolerances for 
precast concrete (PCI 2010b).   
 
Figure 93: Mass distribution 
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Figure 94: Concrete strength distribution 
Table 21: Mean and dispersion of the Direct Fire Weapons Variables  
Variable Mean Value COV 
Very High Threat Velocity 899 m/s 0.015 
Very High Threat Mass 709.5 grain 0.102 
High Threat Velocity 869 m/s 0.014 
High Threat Mass 166.0 grain 0.432 
Medium Threat Velocity 880 m/s 0.014 
Medium Threat Mass 150.0 grain 0.488 
Low Threat Velocity 432 m/s 0.015 
Low Threat Mass 240.0 grain 0.300 
Concrete Strength 28 MPa 0.180 
Wall Thickness 152 mm 0.001 
Indirect Fire Weapons 
Mean values for the explosive casing thickness and inner diameter were based on a typical 
cylindrical explosive (DoD 2008c), while the casing length was selected based on the 
81MM M821 high explosive cartridge (AOLLC 2009).  Precision for manufacturing 
mortars was assumed to be the same as that for bullets (Magee et al. 2012), thus the same 
standard deviation was selected for the casing thickness, inner diameter, and length.  The 
casing and charge mass were then determined through calculated volumes and known 
material densities, taking the casing material as mild steel and the explosive type as 
Composition B, which agreed with both the application in UFC 3-340-02 (DoD 2008c) and 
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the mortar round developed by American Ordnance LLC (AOLLC 2009). 
The Mott Distribution was formulated using Equation 47 and the fragment distribution 
factor provided in Equation 48.  The CDF of the fragment mass for the Mott Distribution is 
shown in Figure 95, and from the relationship between the caliber density to fragment 
weight and diameter, the fragment diameter distribution is determined as shown in Figure 
96. 
 
Figure 95: CDF of fragment mass 
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Figure 96: Fragment diameter distribution 
A mean standoff distance of 12m with a lognormal distribution and COV of 0.1 was 
chosen.  The mean standoff distance was selected based on conventional construction 
standoff distances for load bearing, reinforced concrete walls of a high occupancy house 
(DoD 2012), where the required minimum standoff distance is 26m.  The standoff distance 
is less than that of the required minimum standoff distance because it is assumed that the 
assailant would be firing an explosive round over a controlled perimeter from the required 
minimum standoff distance.  The landing point is assumed to have a high degree of 
uncertainty, as aggressors often fire indirect weapons from significant distances, over 
obstacles without a clear line of sight to the target (DoD 2008b).  Thus, although the 
assumption that the aggressor is firing from the required minimum standoff distance may 
be conservative, a large coefficient of variation accounts for incompetence or firing from 
larger distances. 
As the initial conditions (i.e. the initial velocity, vo, a stochastic variable developed from 
Equation 46, and taking the initial time to be zero), forces acting on the fragment (i.e. 
gravity and drag), and standoff distance (stochastic variable with assumed lognormal 
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distribution) are known, the trajectory and strike velocity of the fragment can be calculated.  
The initial launch angle, φ, for each fragment was taken as a uniformly distributed variable 
between -90° and 90°.  Additionally, the direction of launch, θ, was taken as a uniformly 
distributed variable between 0° and 360°.  The drag force was taken as a vector always 
acting in the direction opposite of motion and was determined by assuming a circular cross 
section using the corresponding fragment diameter from Figure 96, and calculating the 
instantaneous drag coefficient as a function of the velocity as shown in Figure 97 (Zaker 
1975).  The equation of motion was then solved numerically using an explicit time 
stepping method (Chopra 2007).  Once the strike velocity was calculated, a histogram of 
the fragment strike velocity for various mass bins was plotted as shown in Figure 98.  Mass 
bins were selected based on the mass distribution CDF, with each bin representing 25% of 
the total mass.  The center of each histogram bar is connected by a line as shown by the 
“Mass < Bottom 25%” bin in order to increase the plot visibility.  As shown in Figure 98, 
there are a large number of low mass and low velocity fragments that will not have the 
kinetic energy required to penetrate any protective barrier. 
 
Figure 97: Drag coefficient versus fragment velocity (Zaker 1975) 
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Figure 98: Histogram of fragment velocity for various mass bins 
The CDF provided in Figure 95 was for every fragment generated from the ruptured mortar 
casing; however, only a fraction of these fragments will actually strike the wall panel, 
depending on the trajectory of the fragment as well as the width and height of the wall 
panel (Zaker 1975).  Figure 99 depicts the influence of the fragment trajectory and wall 
area on the probability of striking the panel.  The wall panel width and height are taken as 
stochastic variables with COVs based on tolerances for precast concrete (PCI 2010b).  The 
mean width and height are based on standard precast concrete panel sizes currently used in 
industry (PCI 2010b)  Considering the likelihood of the fragment striking the wall panel, a 
new CDF and histogram can be plotted for the fragment as shown in Figure 100 and Figure 
101. 
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Figure 99: Variables dictating fragment trajectory 
 
Figure 100: CDF of fragment masses that hit the target 
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Figure 101: Histogram of fragment velocity for various mass bins for fragments that hit the 
target 
Table 22 provides a list of the stochastic variables with their distribution type, mean values, 
and coefficients of variation.  The concrete strength and wall thickness are the same as that 
utilized in the direct fire weapons analysis provided in Table 21.  COVs of the weapons and 
structure are small with respect to the COVs of the fragments, concrete strength, and 
standoff distance; however, the weapons and structure are still analyzed as stochastic in the 
event that confidential literature indicates larger COVs. 
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Table 22: Indirect Fire Weapons Analysis Stochastic Variables 
Variable 
Distribution 
Type 
Mean Value 
COV 
Casing Thickness Lognormal 12.7 mm 0.0094 
Casing Inner Diameter Lognormal 304.8 mm 0.0004 
Casing Length Lognormal 609.6 mm 0.0002 
Fragment Mass Mott 75.9 grain 2.226 
Standoff Distance Lognormal 12.2 m 0.1000 
Wall Width Lognormal 12.2 m 0.0010 
Wall Height Lognormal 9.1 m 0.0010 
Concrete Strength Lognormal 28 MPa 0.1800 
Wall Thickness Lognormal 152 mm 0.0010 
Injury to Personnel 
The critical human organ survivability thresholds provided in Table 20 are plotted in Figure 
102 below.  Fragments with a mass and velocity landing in the area above any of the 
threshold lines represent a threat to the organ for which it lies above.  To simplify the 
analysis, a conservative single threshold line based on the minimum of all three lines at any 
point was formed.  Therefore, if a fragment lies above the single threshold line, it is 
assumed that it will cause injury to all of the critical organs as shown in Figure 102.  By 
taking the quotient of the quantity of fragments in the injury area and the total number of 
fragments, the probability of injury is obtained. 
  
Figure 102: Critical human organ damage thresholds 
Curves are developed providing the probability of injury versus wall thickness for the 
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standoff distances provided in Table 19.  In order to develop each curve, Monte Carlo 
simulations are conducted for each fragment to determine the mass and residual velocity of 
each of the n number of fragments for a given wall thickness and standoff distance, as 
shown in Figure 91.  Thus, a single point on the probability of injury curve is calculated for 
each prescribed wall thickness and standoff distance.  This process is repeated as shown in 
Figure 103 until the probability of injury versus wall thickness for each standoff distance is 
determined.  
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Figure 103: Schematic of the fragility curve for injury 
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6.1.3. Ballistic and Fragment Results and Discussion 
The following sections provide the results obtained through the Monte Carlo simulation 
and the intellectual merit of the study.  Although the following graphs are referred to as 
“fragility curves” in this paper, historically, fragility curves are based on an intensity 
measure, an interface variable introduced in order to be able to fully represent the 
characteristics of the hazard in a single scalar, often, or in a vector variable, rarely.  In the 
case of a ballistic threat, a conclusion on the opportune scalar intensity measure is not 
generally achieved; therefore the fragilities presented in this paper are defined as functions 
of the wall thickness or the residual velocity rather than the ballistic demand.   
Direct Fire Weapons 
Fragility curves are developed for the limit state of perforation as a function of a prescribed 
threat level where the wall thickness serves as the intensity measure as shown by the solid 
lines against the primary abscissa in Figure 104.  The developed fragilities can act as a 
design tool for the engineer to quickly determine what wall thickness is required to achieve 
a particular level of safety.  For example, to stop a bullet from perforating a wall 80% of 
the time, a 300mm thick wall would be necessary to achieve a medium threat level, while a 
500mm thick wall would be necessary for a very high threat level.  Additionally, the 
designer can use the curve to assess the probability of perforation for a given wall 
thickness.  For example, for a 500mm thick wall, there is an 80% probability that a very 
high threat level will perforate the wall. 
Curves are also developed for the probability of exceeding a particular residual velocity for 
a given wall thickness (in this case a mean wall thickness of 152mm) as shown by the 
dotted lines against the secondary abscissa in Figure 104.  For example, it is very unlikely 
that the bullet corresponding to a low threat level will penetrate a 152mm thick wall with a 
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residual velocity of at least 200 m/s, while there is approximately a 50% chance for a 
medium threat level bullet and a 100% chance for a very high threat level bullet. 
 
Figure 104: Probability of perforation and exceeding a given residual velocity for various 
threat levels 
Residual velocities can also be plotted for the case of multiple wall thicknesses.  Figure 
105 depicts the fragility curves for a very high threat level where residual velocity is the 
intensity measure at four different wall thicknesses.  Intuitively, a bullet is less likely to 
perforate a thicker wall panel with a particular minimum residual velocity.  Note for the 
case of no wall, the residual velocity fragility is directly determined from the distribution 
of the strike velocity. 
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Figure 105: Probability of exceeding a given residual velocity for various wall thicknesses 
for a very high threat 
Indirect Fire Weapons 
Similar to the direct fire weapons’ probabilistic analysis, the fragility of a fragment 
perforating a wall can be plotted with the wall thickness as the intensity measure.  Figure 
106 provides the probability of spall or perforation occurring for a mean standoff distance 
of 12m for all fragments on the primary ordinate and for fragments that strike the wall 
panel on the secondary ordinate.  As seen by considering the fragment trajectory, even with 
an infinitesimally thin wall panel the probability of spall or perforation is not 100%.  This 
is attributed to the possibility that the fragment may not strike the wall panel at all. 
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Figure 106: Fragment perforation and spall probability for a mean standoff of 12m 
The Monte Carlo results were compared to the confidence level method of (DoD 2008c) by 
following the process laid out in Figure 91.  A numerical program was developed in order 
to plot multiple confidence level points versus wall thicknesses.  As shown in Figure 107, 
the fragility analysis (by Monte Carlo simulations) leads to a significant difference from 
the confidence level method.  Differences between the confidence level method and the 
fragility analysis are attributed to the compounding of the many stochastic variables and 
the numerical determination of the fragment strike velocity which could not be 
implemented in the confidence level method. 
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Figure 107: Fragility method versus confidence level method for a mean standoff of 12m 
Furthermore, as the standoff distance is decreased, the confidence level method and 
fragility analysis begin to converge for all wall thicknesses.  This is due to the fact that at 
small standoff distances (less than 6.1m (DoD 2008c)) the fragment strike velocity will be 
approximately equal to the initial velocity, regardless of the fragment mass or drag.  
However, the confidence level method is unable to account for the actual probability of 
fragment strike due to fragment trajectory (initial launch angle and direction) and wall area. 
Injury to Personnel 
For a given wall thickness and standoff distance, 100,000 samples were used in the Monte 
Carlo simulation and thus 100,000 fragments with a particular fragment mass and fragment 
velocity were considered.  Each of these samples is plotted against the human critical organ 
injury thresholds as shown in Figure 108.  In the case that the fragment did not penetrate 
the wall, the fragment velocity is zero.  Figure 108 clearly demonstrates how the dispersion 
of the fragment mass and velocity is much greater than the different thresholds for each 
critical organ, thus justifying the use of a single threshold curve.  Additionally, treating the 
organ threshold as a stochastic variable would make little difference in the results since the 
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coefficient of variation for each human critical organ injury threshold is very small 
compared to the dispersion in fragment mass and velocity. 
 
Figure 108: Fragment mass and velocity versus critical organ damage threshold for a mean 
wall thickness of 152mm and a mean standoff of 12m  
Only injuries occurring from perforation of the wall are considered.  Concrete spall from 
primary fragments generally results in velocities less than 1.5m/s (DoD 2008c), thus spall 
from fragment penetration alone is unlikely to cause personnel injury.  However, when 
designing a wall system it is important to also consider the blast pressure from the 
explosive, which can create lethal spall velocities (Naito et al. 2014b). 
By taking the quotient of the number of samples that fall in the injury area, referred to as 
“lethal fragments”, and the total number of samples, it is possible to compute the 
probability of injury occurring.  In this paper, it is assumed that lethal fragment generation 
and injury are directly correlated, i.e. when a lethal fragment occurs injury will also occur.  
This can then be repeated for multiple wall thicknesses by following the procedure 
depicted in Figure 103 in order to obtain a fragility curve for injury where the wall 
thickness is the intensity measure.   
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Figure 109 plots the probability of injury occurring for the standoff distances 
corresponding to the high, medium, and low threat levels provided in Table 19.  The solid 
lines represent the probability of injury occurring if all fragments strike the wall panel 
while the dotted lines represent the probability of injury occurring considering fragment 
trajectory.  Intuitively, a thinner wall thickness and smaller standoff distance increases the 
likelihood of injury occurring.   
As seen in Figure 109, there exists a possibility that even with an infinitesimally thin wall 
the personnel subjected to the mortar blast may not be struck by a fragment traveling fast 
enough or with enough mass to cause injury, thus neither the solid or dotted curves reach a 
probability of 100%.  However, at the standoff distances prescribed in Table 19, the effects 
of the over pressure developed during the detonation will likely harm a person if no 
physical barrier is present.   
 
Figure 109: Probability of injury 
6.1.4. Ballistics and Fragments Conclusions 
Probabilistic analyses were conducted in order to design reinforced concrete wall systems 
against ballistic threats from small arms fire and fragmenting munitions.  The study 
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presents an approach for assessing the likelihood of perforation, residual velocity, and life 
safety of occupants given various design scenarios.  The following conclusions can be 
drawn: 
 The approach can be used to develop fragility curves for assessing perforation of a 
concrete wall based on a design threat. The four design levels for direct fire weapons 
threats from UFC 4-023-07: Very High, High, Medium and Low are used as a basis.  
Currently, UFC 4-023-07 does not furnish a method for calculating the probability of 
wall penetration or residual velocity. 
 The fragility curves for fragment perforation deviate significantly from the confidence 
level method set forth in UFC 3-340-02.  This indicates that the use of stochastic 
variables to define the fragment threat affects the probability of perforation and spall. 
 Fragility curves can be developed which account for fragment trajectory, while the 
confidence level method in UFC 3-340-02 does not differentiate between all fragments 
generated from the munition and fragments that will actually strike the target.   
 The likelihood of injury can be assessed based on critical organ thresholds presented in 
UFC 3-340-02.  The variance in organ tolerance is much smaller than the variance in 
fragment mass and velocity, justifying the use of a single, deterministic injury 
threshold for all organs. 
 The fragility curves for injury can be developed for various threat levels with the wall 
thickness as the intensity measure to quickly provide the engineer and owner with an 
understanding of the level of safety of the wall system for the defined threat level.   
 The work presented provides a probabilistic framework for assessing the probability of 
exceeding a given limit state (e.g. design threat, wall thickness, or injury threshold), 
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allowing engineers to develop tools to quickly quantify the safety of a structure under 
direct and indirect fire weapons’ demands. 
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7. FULL SYSTEM INTEGRATION 
The goal of this phase of the research is to assess the performance of an insulated panel 
utilizing the finger tie and analytical models developed throughout the entire research 
project.  The insulated panel will be based on a 32in wide by 10ft clear span 3-2-3 layout 
with 4000psi strength concrete, typical of panels experimentally tested in the laboratory.  
Constitutive properties determined for the finger tie will be used in the analytical model 
developed for insulated wall panels to determine the number of ties to use as well as the 
location of each tie.  The insulated wall panel’s resistance function will be developed using 
the analytical model and the prescribed tie locations.  The performance of the panel under a 
blast load will be assessed via single degree of freedom (SDOF) analysis and the blast load 
prescribed for the ACI blast blind contest (Olmati et al. 2014) scaled by a 25%. 
In addition to far-field demands, the response of the panel to close-in threats will be 
examined.  The panel will be subjected to the same explosive charge and standoff as in 
(Naito et al. 2014b).  Spall and breach will be determined using developed empirical 
methods and experimental results (Naito et al. 2014b). 
Additionally, the hazard to personnel behind the wall from ballistic and fragment loads will 
be assessed for the wall panel using the fragility method previously developed (Trasborg et 
al. 2014a).  The threat levels presented in (DoD 2008a) will be used for the ballistic threat 
while an 81MM M821 will be used for the fragment threat just as in (Trasborg et al. 
2014a). 
Finally, based on the shear tie layout, a finite element analysis will be conducted to 
determine the R-value of the insulated wall panel.  Heat flux contour plots will be provided 
to show heat flow through the panel.  Analytical calculations will be conducted to validate 
the numerical results. 
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7.1. Far-Field Performance 
Given the cross section provided in Figure 110, the moment-curvature relationships are 
developed for the composite and non-composite panels without any information on the 
shear tie connector.  From the moment-curvature relationships, the moment-rotation 
behavior of the composite and non-composite panels was computed with the methodology 
provided in (Trasborg et al. To be submitted). 
   
Figure 110: Panel cross section 
Following the procedure described in (Naito et al 2012), a backbone curve was computed 
for the finger tie as shown in Figure 111.  Utilizing the simplified constitutive property of 
the finger tie and the method provided in (Trasborg et al. To be submitted), the response of 
the partially-composite panel was calculated.  Additionally, considering that the shear tie 
will be redesigned to have a ductile response, the response of the partially-composite was 
computed for such a tie titled “Ductile Tie” in Figure 111. 
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Figure 111: Finger tie backbone curve 
A moment-rotation performance balanced between deformation capacity and strength is 
necessary for a panel to perform well under a blast load.  Additionally, the number of ties 
required to meet the desired moment-rotation behavior should be reasonable.  The number 
of ties and tie location were iterated until the requirements were met.  The tie layout is 
provided in Figure 112.  Placing the ties near the center of the panel sacrifices the global 
panel stiffness and overall strength; however, the ductility of the panel is increased which 
is vitally important to dissipate the energy generated during a detonation.  Additionally, the 
layout was optimized for the “Ductile Tie” system.  Figure 112 shows the layout for the 
“Ductile Tie” system on the left and the original finger tie system on the right. 
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Figure 112: Panel tie layout for original finger ties and ductile ties 
The moment-rotation response of the original finger tie panel is provided in Figure 113.  
By knowing the boundary conditions and span length, the applied moment can be 
converted to a pressure load which is commonly used to describe the resistance function of 
a system in blast design.  Additionally, the moment-rotation response of the “Ductile 
Panel” is provided in Figure 113.  Back-bones were developed for each panel resistance 
function as shown in Figure 113.  By using the ductile tie layout, the panel was able to 
reduce the number of ties from 12 to 8 and still maintain the same strength, but have a 
stiffer response. 
  
Figure 113: Original finger tie panel and ductile panel moment-rotations 
The resistance function each panel is used in an SDOF analysis to predict the response of 
the panel to a blast load.  Load-mass transformation factors are applied such that the single 
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degree system will have equal kinetic, work and strain energies at all points in time as the 
actual system (PCI 2010a).  For a simply supported panel under uniform loading, the 
elastic and plastic load-mass factors are equal to 0.78 and 0.66 respectively.  For rebound, 
it is assumed that no component degradation has occurred with a kinematic hardening 
material model.  Dynamic increase factors were not applied to the steel or concrete in order 
to avoid iteration and to simplify the analysis. 
“Blast load 2” from the ACI Blast Blind Contest (Olmati et al. 2014) was scaled by 0.25 
and applied to the finger tie panel.  To carry out the SDOF analysis and obtain the time-
history result of the panel, the constant velocity numerical method was selected as 
described by Biggs (Biggs 1964) due to the ease of implementation and unconditional 
stability.  The time step was adjusted until the time-history results did not significantly 
change.  A time step of 0.2ms was found to be adequate.  Figure 114 plots the applied load 
on the primary ordinate and the panel time-history analysis to the blast load on the 
secondary ordinate.  The maximum deflection for the original finger tie panel was found to 
be 4.71 in. occurring at 66.4ms which correlates to 4.5° of support rotation.  The maximum 
deflection for the ductile tie panel was found to be 3.79 in. occurring at 62.2ms which 
correlates to 3.6° of support rotation.  Residual displacement was calculated by averaging 
all the points after one complete panel oscillation.  The residual displacement was found to 
be 2.03 in. and 2.69 in. for the original finger tie and ductile tie respectively. 
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Figure 114: Original finger tie panel and ductile panel blast load response 
The higher residual displacement for the ductile tie is attributed to the assumption of 
kinematic hardening which causes the panel to return on a larger stiffness than the original 
finger tie panel.  This can be seen in the hysteresis of the resistance functions shown in 
Figure 115.   
 
Figure 115: Original finger tie and ductile tie panel hysteresis 
Table 23 reports the component damage flexural limits for non-prestress panels.  Current 
flexural limits set forth by USACE (USACE 2008) are given in the top row while average 
panel response limits from experimental testing proposed by Naito (Naito et al 2014a) are 
provided in the second row.  Based on the maximum support rotations of 4.5° and 3.6° for 
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the finger tie and ductile tie panel respectively, the panels have sustained heavy and 
moderate degrees of damage according to USACE and Naito respectively. 
Table 23: Component damage response limits 
Component damage level Superficial Moderate Heavy Hazardous 
(USACE 2008) μ ≤ 1.0 2.0° 5.0° 10.0° 
(Naito et al 2014a) 0.78° 5.06° 6.51° 8.44° 
7.2. Spall and Breach Performance 
As concluded in the spall and breach section, empirical equations (DoD 2008b) do not 
represent the complex behavior occurring during a close-in detonation demand on an 
insulated wall panel.  Conservatively assuming that the exterior wythe does not contribute 
to the resistance of the close-in detonation but adds to the stand-off distance (i.e. an 
increase in stand-off distance equal to the thickness of the exterior wythe), empirical 
equations indicate that the 3-2-3 panel will spall but not breach.  However, experimental 
data indicates that the 3-2-3 panel configuration results in a spall and breach of both the 
exterior and interior wythes.  Thus, for the demand considered in the prior spall and breach 
section, it is assumed the panel will spall and breach.  More research is needed to develop 
empirical equations for insulated wall panels. 
7.3. Ballistic and Fragment Performance 
The four different threat levels prescribed in the UFC 4-023-07 for direct weapons fire are 
repeated in Table 18 (DoD 2008a) for convenience.  The threat levels listed were derived 
from the Underwriters Laboratories Standard for Safety (UL 2005).  The four threat levels 
are defined by the mass, impact velocity, size and shape of the ammunition.  “N” is the 
nose performance coefficient of the ammunition round used. 
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Table 24: Direct fire weapons threat parameters (DoD 2008a) (UL 2005) 
Design Basis 
Threat 
UL 752 
Level 
N 
Mass 
(grain) 
Strike  
Velocity (m/s) 
Diameter 
(mm) 
Very High 10 1.31 709.5 856-942 12.95 
High 9 1.39 166 828-910 7.82 
Medium 5 1.26 150 838-922 7.82 
Low 3 0.91 240 411-453 11.18 
Note: “N” is the nose performance coefficient 
Perforation limits and residual velocities are calculated with empirical equations provided 
in the UFC 4-023-07.  For an insulated wall panel, it is conservative to assume that the 
strike velocity on the interior wythe is equal to the residual velocity of the bullet that 
perforated the exterior wythe.  Using Monte Carlos simulations, fragility curves are 
developed with the intensity measure set as the residual velocity of the bullet.  Figure 116 
plots the fragility of the exterior and interior wythe, called “ext” and “int” respectively, for 
each of the four threat categories: very high, high, medium, and low.  The absence of the 
interior wythe fragility for the low threat category indicates that the probability of the 
bullet perforating the interior wythe is 0%.  Large shifts between the exterior and interior 
wythe fragilities indicates that the residual velocity of the bullet exiting the exterior wythe 
has decreased enough that the interior wythe can have a significant effect on the life safety 
of personnel behind the wall. 
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Figure 116: Fragility of the exterior and interior concrete wythes with residual velocity 
intensity measure 
Similarly to the ballistic demands, fragility curves are developed for fragment demands.  
The fragment generating explosive was based on the same demands discussed previously, 
an 81MM M821 high explosive cartridge (AOLLC 2009) and a typical explosive (DoD 
2008b).  A standoff distance of 40ft was selected based on conventional construction 
standoff distances for load bearing, reinforced concrete walls of a high occupancy house 
(DoD 2012).  To assess the probability of bodily harm, established human organ tolerance 
levels were followed (DoD 2008b). 
Figure 117 provides fragility curves for probability of perforation with wall thickness as 
the intensity measure.  From the perforation fragility curve, the probability for fragment 
generated from an 81MM M821 high explosive to perforate the exterior and interior wythe 
is 36.1% and 15.4% respectively.  Additionally, Figure 117 provides the probability of 
exceedance with residual velocity as the intensity measure.  The residual velocity fragility 
and fragment mass distribution is used to calculate the probability of injury occurring to 
personnel behind the wall panel.  For the 3-2-3 panel, assuming that all fragments will 
strike the wall panel, the probability of injury occurring is 15.4%.  As shown previously, if 
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the fragment trajectory is taken into account, the probability of injury occurring is reduced 
significantly. 
  
Figure 117: Probability of perforation and residual velocity exceedance 
7.4. Thermal Performance 
A finite element analysis was performed using the multi-purpose finite element software 
Abaqus.  An uncoupled heat transfer analysis was conducted.  In an uncoupled heat 
transfer analysis, the stress/deformation state of the wall is assumed to have no effect on 
overall system’s R-value to simplify each numerical model.  Additionally, the material 
properties were assumed to be temperature independent due to lack of literature available.  
The boundaries of the walls were assumed to be perfectly insulated.  
All material resistances were taken from PCI 7th edition (PCI 2010b) handbook thermal 
section, ASHRAE handbook fundamentals (ASHRAE 2005), or from a material property 
data sheet (MatWeb 2014).  In this study, R will be in English units of 
[(°F*hr*ft2)/(BTU*in)] for resistance per thickness and [(°F*hr*ft2)/(BTU)]for resistance. 
The assumed properties are summarized in Table 25. 
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Table 25: Material resistances 
Material Description 
Resistance/thickness 
[(°F*hr*ft2)/(BTU*in)] 
Extruded polystyrene (XPS) 5.0 
G10 Garolite 2.0 
Normal Weight Concrete (140 pcf) 0.10 
The entire panel was modeled in three dimensions consisting of the full length and width of 
the panel.  Figure 118 shows the insulation and shear tie mesh with the concrete removed 
for both the original finger tie panel and the new ductile tie panel. The 8-node linear heat 
transfer brick, DC3D8, was selected for the analysis. This is a typical element used for 
uncoupled heat transfer applications (Dassault Systèmes 2010).  
  
Figure 118: Finite element model mesh 
The procedure to determine the R-Value of each panel follows that given by B. Lee and S. 
Pessiki (Lee and Pessiki 2008). Convection loading was used to represent the boundary 
conditions on the hot and cold surfaces of each panel. For all other surfaces, Abaqus 
assumes an adiabatic boundary condition. The R-Value can be directly computed using 
Equation 54. 
𝑅 = 𝐴(𝑡ℎ − 𝑡𝑐)/𝑄 Equation 54 
Where A is the cross sectional area of a surface perpendicular to the direction of heat 
transfer, Q is the heat flow rate through that surface which is directly computed from the 
heat flux values output from the FEA. th and tc are the temperatures on the hot and cold 
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surface, respectively. 
When using convection boundary conditions, the temperatures, th and tc, may be taken as 
either the surface temperatures or the ambient air temperatures. For building applications, 
the R-Value is typically computed using the ambient air temperatures. For this analysis, th = 
125 °F and tc = 25 °F. 
Figure 119 plots the progression of the heat transfer through the concrete wythe and 
insulation for the original finger tie panel on the left and the new ductile tie panel on the 
right.  The numerical analysis resulted in a total panel R-value of 11.2 and 11.3 
(°F*hr*ft2)/(BTU) for the original finger tie panel and new ductile panel respectively.  A 
model was also conducted removing the shear ties entirely to determine the effect of the 
thermal bridging.  Due to the low conductivity of G10 Garolite, the R-value for the panel 
increased by approximately 3% for the original finger tie panel.  Analytical calculations 
performed to validate the numerical model resulted in a panel R-value of 10.4 
(°F*hr*ft2)/(BTU), approximately 7% lower than the numerical calculations. 
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Figure 119: Heat flux contour plots through the original finger tie panel and new ductile tie 
panel on the left and right respectively 
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8. CONCLUSIONS 
8.1. Thermal Demands 
 A solid concrete panel provides significantly less thermal resistance than a panel with 
shear ties or solid zones.  By replacing 25% of the interior with insulation, the R-value 
is increased by 92%.  This is a conservative value as the minimum reported resistance 
for the insulation was used. 
 Solid-zones and steel ties can have detrimental effects on the overall R-value of the 
panel.  In the case considered, the R-value was decreased by nearly 78% and 62% 
respectively. 
 The modified zone method yields the same results as the isothermal planes and parallel 
flow methods when there are no materials bridging across a different another i.e. there 
are no solid zones or shear ties.  This is due to the fact that there are no paths for lateral 
heat transfer to occur.  On the other hand, the isothermal planes and parallel flow 
methods yield extremely different results when highly conductive materials are 
embedded due to the large lateral heat paths. 
8.2. Far-Field Detonations 
 A fiber analysis can provide an accurate prediction of the moment-curvature for a 
reinforced concrete slab given the material properties of the reinforcement and 
concrete as well as the geometry of the panel and placement of the reinforcement. 
 Moment-curvature analysis can be used for the prediction of the resistance function for 
a reinforced concrete slab with varying boundary conditions.  Boundary conditions can 
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be adjusted as the panel deflects in an analytical model if the panel response is 
carefully monitored and saved at each boundary condition transition. 
 Single degree of freedom analysis can provide an accurate prediction of the time-
history response of a reinforced concrete slab subjected to a blast load when given the 
duration and magnitude of the load, assuming the loading is uniform on the surface of 
the panel. 
 Analytical methods compare to the experimental results, indicating that analytical 
methods are suitable for a quick check when more time consuming and 
computationally expensive numerical methods are not available. 
 A flexural mechanism with sustained resistance does not occur in thin concrete 
elements due to crushing of the concrete in the compression zone.  The fiber analysis 
model conducted in this paper confirms that panels which are classified as tension 
controlled by ACI 318-11 R10.3.4 may have limited ultimate deformation capacity due 
to concrete compression failure.  
 A predictable hinge can be created by utilizing a specially designed steel mechanism at 
the center of the panel.  Dogbone panels were designed to obtain a support rotation of 
10⁰ and a yield force equal to the nominal moment of a conventionally reinforced 
panel.  Analytical methods based on first principles accurately predict the behavior of 
the dogbone panel. 
 Dogbone panels require considerable effort to fabricate, deviating significantly from 
traditional cast-in-place techniques.  Further research on alternative design details may 
be required for the dogbone method to be applicable in practice. 
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 Locally unbonding longitudinal reinforcement provides a predictable, ductile flexural 
mechanism in an emulative manner while maintaining enough development to allow 
transmission of the necessary bar forces to attain a high panel resistance. 
 An analytical model based on a localized flexural mechanism and deformable beams 
was developed to predict the behavior of unbonded panels. 
 As illustrated through experimental tests on solid panels and analytical modeling, 
prestressed panels have less deformation capacity than non-prestressed panels due to 
smaller ultimate material strains; however, prestressed panels have a stiffer initial 
response compared to non-prestressed panels due to the initial jacking force of the 
prestressed delaying the onset of cracking. The improvements in ductility are 
diminished for insulated panels with low levels of composite action. 
 All insulated panels tested have measurable end-slip despite the fact that some of the 
panels achieve a fully composite behavior, indicating that the assumption of composite 
behavior is incorrect. 
 The PCI design approach is based on force equilibrium alone and does not consider the 
constitutive properties of the connector or compatibility between the wythes. This 
methodology may be acceptable for handling and service loads, but for panels loaded 
to their nominal strength a deformation based approach is necessary.  Additionally, the 
PCI approach may lead to an unconservative design, particularly if brittle shear ties are 
utilized. 
 For the panels examined, the PCI design approach generally provides a conservative 
estimate of percent composite action. The design composite level was typically lower 
than the actual composite level achieved.  
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 As illustrated through experimental testing and parametric studies, the global 
performance of an insulated panel is dependent on the constitutive properties of the 
shear connector: stiffness, strength, and deformation capacity, as well as tie placement 
within the panel. 
 An analytical approach is developed which accounts for equilibrium, compatibility, 
and the constitutive properties of the ties. The approach provides an accurate method 
for determining the moment-deflection of partially-composite panels. 
 Experiments indicate that locally unbonding has no significant effect on the 
performance of an insulated panel.  This is attributed to the fact that the response of the 
insulated panel is controlled by the shear ties. 
 The effect of locally unbonding solid, double reinforced prestressed or non-prestressed 
panels is unclear.  Future numerical modeling would provide insight into the behavior 
of a locally unbonded wall panel.   
 The analytical model developed for singly reinforced slabs provides an accurate 
estimate of the ultimate deflection and maximum moment for both prestressed and 
non-prestressed panels.  However, the method provides a conservative response of both 
panels in general. 
8.3. Close-In Detonations 
 The solid 6 in. concrete panel (6C panel) and the panel composed of two stacked 3 in. 
wythes (3C-0F-3C panel) provide a comparable level of resistance to close-in 
detonations.  The mechanism of failure however is altered in that the stacked panel 
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prevents the occurrence of a complete breach with minimal damage on the exterior 
wythe and breach only on the interior wythe.   
 The use of EPS insulation foam resulted in mixed performance as a function of the 
insulation foam thickness.  Small amounts of insulation, 2 in. (51 mm), resulted in a 
full breach (similarly as the experimental results of Yamaguchi et al. (2011)) while the 
case with no insulation (3C-0F-3C panel) had no breach.  Greater thicknesses of 
insulation resulted in full protection of the interior wythe with no damage on either the 
front or rear face of the interior wythe. 
 The empirical formulations for spall and breach matched the data for the solid panel 
(6C panel).   
 The use of empirical formulations for predicting the spall and breach on the insulated 
wall panels was made by assuming that the exterior wythe was not present and the 
stand-off distance was increased.  This approach was found to be inaccurate as it does 
not represent the complex behavior that occur, as the shockwave propagates through 
the various panel materials and the external wythe debris impacts the interior wythe. 
 The numerical simulations are able to predict the occurrence of the spall and breach for 
insulated panels subjected to close-in detonations; the breach diameters on the rear face 
of the interior wythe were found to be marginally unconservative for small foam 
thickness but bound the response at higher thicknesses. 
 The numerical models indicate that the density and strength of the insulation foam is 
the main factors in transfer of demand to the interior wythe.   
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 The numerical models supported the experimental data and could be used to further 
develop semi empirical spall and breach curves for insulated wall panels subjected to 
close-in detonations.  
8.4. Ballistic Demands 
 The approach can be used to develop fragility curves for assessing perforation of a 
concrete wall based on a design threat. The four design levels for direct fire weapons 
threats from UFC 4-023-07: Very High, High, Medium and Low are used as a basis.  
Currently, UFC 4-023-07 does not furnish a method for calculating the probability of 
wall penetration or residual velocity. 
 The fragility curves for fragment perforation deviate significantly from the confidence 
level method set forth in UFC 3-340-02.  This indicates that the use of stochastic 
variables to define the fragment threat affects the probability of perforation and spall. 
 Fragility curves can be developed which account for fragment trajectory, while the 
confidence level method in UFC 3-340-02 does not differentiate between all fragments 
generated from the munition and fragments that will actually strike the target.   
 The likelihood of injury can be assessed based on critical organ thresholds presented in 
UFC 3-340-02.  The variance in organ tolerance is much smaller than the variance in 
fragment mass and velocity, justifying the use of a single, deterministic injury 
threshold for all organs. 
 The fragility curves for injury can be developed for various threat levels with the wall 
thickness as the intensity measure to quickly provide the engineer and owner with an 
understanding of the level of safety of the wall system for the defined threat level.   
193 
 The work presented provides a probabilistic framework for assessing the probability of 
exceeding a given limit state (e.g. design threat, wall thickness, or injury threshold), 
allowing engineers to develop tools to quickly quantify the safety of a structure under 
direct and indirect fire weapons’ demands. 
8.5. Full System Integration 
 Deformation capacity is critical to dissipating energy during a blast event.  Placing a 
brittle tie near the center of a panel can increase the panel’s overall maximum 
displacement; however, more ties are necessary to increase the panel strength.  When 
using a ductile shear tie, shear ties should be placed at the ends of the panel for a more 
efficient design requiring less ties.  By using the ductile shear tie system, the number 
of ties was able to be reduced by 33%.  Any reduction in the number of ties will result 
in a reduction of cost due to less materials and less labor intensive installation. 
 When subjected to the 25% of the blast load in the ACI blast contest, the wall was 
found to behave in a moderate to heavy damage level. 
 The 3-2-3 panel is capable of stopping a low threat ballistic with 100% certainty; 
however, a high threat ballistic has an 86.5% chance of perforating the wall system.  
For the fragmenting munition considered, the wall system has 15.4% chance of causing 
injury to personnel behind the wall panel. 
 Further research is required to develop accurate empirical equations for insulated wall 
panels; however, experimental data indicates that a 3-2-3 panel will undergo spall and 
breach in both the exterior and interior wythes. 
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 The thermal resistance of the insulated wall panel with finger ties was found to be 11.2 
(°F*hr*ft
2
)/(BTU).  Despite the significant shear tie area, the thermal resistance is only 
decreased by 3% with the inclusion of shear ties due to the low thermal conductivity of 
G10 Garolite.  Using ductile shear ties will allow the designer to incorporate less shear 
ties in the panel, thus slightly increasing panel thermal resistance while decreasing 
panel cost. 
  
195 
PAPERS 
The following papers were produced during this research project and are either submitted 
or in press: 
1. Trasborg, P., Naito, C., Davidson, J. (To be submitted). “Experimental and 
analytical evaluation of insulated wall panels.” ASCE Journal of Structural 
Engineering. 
2. Naito, C., Olmati, P., Trasborg, P., Davidson, J., Newberry, C. (2014). 
“Assessment of insulated concrete walls to close-in blast demands.” Journal of 
Performance of Constructed Facilities, Submitted.   
3. Olmati, P., Trasborg, P., Naito, C., Bontempi, F. (2014). “Prediction of Response 
of Reinforced Concrete Slabs using Finite Element Methods.” ACI Structural 
Journal Special Publication, Submitted. 
4. Trasborg, P., Naito, C., Bocchini, P., Olmati, P. (2014). “Fragility Analysis for 
Ballistic Design.” Structural Safety Journal, STRUCS-D-14-00038, submitted. 
5. Trasborg, P., Nickerson J., Naito C., Olmati P., Davidson J. (2014b). “Forming a 
predictable flexural mechanism in reinforced wall elements.” ACI Structural 
Journal, Submitted. 
6. Trasborg, P., Naito, C. (2013). “Composite action in insulated concrete wall 
systems.” Concrete Plant International, 6, 164-168. 
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